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ABSTRACT

SEISMIC PERFORMANCE ASSESSMENT OF

HISTORICAL BUILDINGS

Aged construction materials and insufficient knowledge regarding the existing

properties of territorial materials and the structural features make performance assess-

ment of historical masonry buildings a challenging task. In an attempt to reduce the

connatural complexity of masonry and uncertainties, ambient vibration tests (AVT)

were implemented, and the available material test results were used in the definition

of material properties. A 3D Finite Element Model (FEM) of the entire building was

generated with initial material properties. Afterwards, the FEM was updated based

on the global dynamic characteristics of the building extracted from AVT so as to

minimize the difference between theoretical and experimental modal behaviour. Fol-

lowing this, by conducting linear response spectrum analysis using FE analysis, the

seismic demand was obtained in terms of drift ratio, which corresponds to limit states

of masonry. Also, the distribution of stresses enabled verifying the possible shear hinge

locations as described in the literature. In addition, the front facade of the building

was modelled with 2D Equivalent Frame (EF). In-plane behaviour of the facade was

considered and modelled as EFM in analyses. Series of simulations was performed

using a set of Non-linear Time History analyses and incremental dynamic pushover

curves (based on base shear vs top displacement) were generated. Consequently, the

seismic fragility curve was derived to perform vulnerability assessment. The study

aims at contributing to the seismic performance assessment of a historic brick masonry

building constructed in Istanbul by means of FE and EF Modelling approaches.
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ÖZET

TARİHİ BİNALARIN SİSMİK PERFORMANS

DEĞERLENDİRMESİ

Zaman içinde yıpranmış yapı malzemeleri, yapısal ve mevcut yerel malzeme

özellikleri hakkında yetersiz bilgiye sahip olma, tarihi yığma binaların performans

değerlendirmesini her zaman zorlu bir görev yapmıştır. Yığma malzemelerin kendi

doğasından kaynaklı karmaşıklık ve belirsizlikleri azaltmak amacıyla, Ortamsal Titreşim

Testleri uygulanmış ve mevcut malzeme test sonuçları malzeme özelliklerini tanımlama-

da kullanılmıştır. Tüm yapının 3 boyutlu sonlu elemanlar modeli, ilk mevcut malzeme

özellikleri ile kurulmuştur. Takiben, sonlu elemanlar modeli, teorik ve deneysel model

davranışı arasındaki farkı minimize etmek için ortamsal titreşim testlerinden elde edilen

yapının asıl dinamik karakterlerine göre güncellenmiştir. Güncellemeden sonra doğrusal

tepki spektrumu analizi yapılarak yığma yapının sınır durumlarına karşılık gelen ötelen-

me oranları cinsinden sismik talep elde edilmiştir. Aynı zamanda, elde edilen gerilme

dağılımı, literatürde tarif edildiği gibi olası kesme mafsallarının yerlerini doğrulama

imkanı sağlamııştır. Ayrıca, yapının ön cephe duvarı 2 boyutlu eşdeğer çerçeve ile

modellenmiştir. Analizlerde, eşdeğer çerçeve modeliyle modellenmiş olan dış cephe du-

varının düzlem içi davranışı hesaba katılmıştır. Bir seri simülasyonlar, zaman tanım

alanında doğrusal olmayan dinamik analizler sayesinde yapılmış ve artımsal dinamik

itme eğrileri (taban kesme kuvveti - üst kat ötelenmesi cinsinden) oluşturulmuştur.

Sonuç olarak, yapının hasar görebilirlik değerlendirilmesi için, sismik kırılganlık eğrisi

türetilmiştir.



vi

TABLE OF CONTENTS

ACKNOWLEDGEMENTS . . . . . . . . . . . . . . . . . . . . . . . . . . . . . iii

ABSTRACT . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . iv
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1. INTRODUCTION

1.1. Overview

Heritage structures and historical monuments hold important cultural place in

European society; old stone bridges, palaces, churches, cathedrals, monuments, etc.,

represent an enormous civilizing value, and most famous cities and places have also

been identified with their historic structures (see Figure 1.1).

Nowadays, despite developing technology and increasing trend towards high-rise

buildings, Unreinforced Masonry (URM) construction keeps its popularity and signif-

icance particularly in regions with low-seismic intensity. Ease of construction, low

cost and suitability with nature for sustainable environment make URM structure still

preferable and common.

Most of the building stock and cultural heritage world-wide consist of URM.

Particularly, existing or historical ones were built by traditional methods, which lack

engineering and design criteria. Territorial materials used in their construction bear

inherent uncertainties. Aged construction materials, insufficient knowledge regarding

the existing properties of territorial materials and the structural features, as well as the

lack of performance criteria make structural assessment of historical masonry buildings

a challenging task.

These structures are also vulnerable to natural hazards such as earthquakes and

landslides, and they are susceptible to aggressive environments which cause aging and

degradation of materials throughout their lifespan. Not only due to their high potential

vulnerability to hazard events but also their high importance being cultural heritage,

it is crucial to improve the knowledge of their seismic behaviour, design concepts and

assessment techniques.
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Strenght and deformation capacities of URM structures, which are main param-

eters influencing their non-linear behaviour have not been fully understood yet. More-

over, there are no reliable and practical analytical models for the force-deformation

relationship of structural masonry [1]. Therefore, there is more research needed on this

topic.

Figure 1.1. Historic URM Structures a) Hagia Sophia, Istanbul b) Celsus Library,

Ephesus c) Duomo, Milan d) Colosseum, Rome

Furthermore, the physical and mechanical condition of URM structures which

are vulnerable to dynamic and environmental effects must be monitored, and strength-

ened. Unfortunately, improper restoration and retrofitting techniques have frequently

caused the deterioration and even the loss of historic structures. Therefore, appro-

priate rehabilitation works must be chosen carefully and carried out by depicting the

original form, features and character of the structures. Afterwards, continuous health

monitoring should be applied so as to detect the effectiveness of rehabilitation done.
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1.2. Objectives

Seismic performance and vulnerability assessment of URM structures has always

been a challenging task due to connatural complexity and uncertainty based on me-

chanical material properties of masonry composites. Since uncertainty in parameters

are directly associated with the accuracy of dynamic response of the structures, these

parameters are required to be identified by utilizing the experimental and numeri-

cal techniques proposed in the literature. In order to overcome this drawback, non-

destructive testing is recommended from experimental studies, and Equivalent Frame

Method (EFM) in 2-D modelling is claimed to be a numerical approach which is least

affected by uncertainties. In addition, ambient vibration testing is one of the most

preferred non-destructive methods. The reliability of use of this method on masonry

structures has been verified by means of Finite Element Analysis (FEA) [2].

In this study, in order to make a contribution to the seismic performance and

vulnerability assessment of historical structures, a historical building in Istanbul was

investigated using FEM technique by linear dynamic analysis, and EFM technique by

both incremental dynamic Non-Linear Time History Analyses (NLTH) and Pushover

analyses (PO). In an attempt to reduce material based uncertainties, Ambient Vibra-

tion Tests (AVT) were implemented. Uncertain dynamic characteristics of the model

were extracted from AVT by using Frequency Domain Decomposition (FDD). A 3-D

FEM model of the building was generated based on the geometric survey and then was

updated based on identified modal frequencies. Model updating procedure allowed to

minimize the difference between experimental and theoretical modal behaviours and

investigate the influence of the elasticity modulus and the coefficient of soil interaction

on the modal behaviour. Since the outcomes of FEA demonstrate variations depending

on the selected mesh size from coarse to fine, they were examined using different mesh

sizes and eventually the FEM model was meshed by the most appropriate size, taking

elapsed time in modal analysis and convergence based on dynamic parameters of the

model into account. Following this, by conducting linear response spectrum analysis,

the seismic demand was obtained in terms of drift ratio, which corresponds to limit

states of masonry. Besides, it was examined whether principal and shear stresses oc-
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curring under the dynamic excitation exceeded the threshold values in order to predict

the possible in-plane failure modes.

In order to simulate the in-plane behaviour of the URM wall, a 2D Equivalent

Frame (EF) model of the front facade was established. 15 earthquake records, obtained

from PEER NGA West2 Data Base in accordance with the Design Spectrum, were

used for a set of NLTH analyses. Meantime, the pushover analyses with two different

lateral load cases (mass proportional and mode proportional) were performed, and the

results obtained from both analyses were compared. With the generation of incremental

dynamic pushover curves as a result of NLTH analyses, a comprehensive study was

carried out by plotting all dynamic curves and PO curves on the same figure. In

addition to this, by obtaining a seismic fragility curve from NLTH analyses, it was

provided to determine which PGA values lead the structure to attain corresponding

limit states, and predict the collapse probability of the structure for each PGA. This

study highlights following important points:

• Which load case assumption in PO is more appropriate to present similar be-

haviour with incremental dynamic pushover curves.

• The results of Capacity Reduction Coefficient and Ductility Demand Coefficient

by comparing base shear and top displacement values of linear and non-linear

analyses.

• Collapse probability of the structure for each PGA.

• Determination of the weak storey.

• Verification of possible hinge locations described in the literature.

• Model updating procedure.

• The interaction between Elasticity modulus and the coefficient of soil interaction

on modal parameters.

• Seismic performance assessment in terms of drift ratio.
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1.3. Scope

In Chapter 1, overview of historical masonry structures, the objectives of the

study and the organization of the thesis were presented.

In Chapter 2, recent studies were discussed in detail. The seismic response of

masonry walls, in-plane capacity of URM walls and their failure modes, definition of

mechanical material properties, and modelling techniques used for URM walls were

described.

In Chapter 3, general information about the building under consideration was

given. Existing material test results and investigations were demonstrated. Implemen-

tation of ambient vibration tests and the extraction of dynamic parameters from AVT

by Operational Modal Analysis were explained.

In Chapter 4, a 3D FEM of the entire structure was established. Each phase

of the modelling and its effect on the dynamic characteristics were investigated. The

model updating procedure based on Elasticity Modulus and soil interaction coefficient

was mentioned. After completing the procedure of model updating, the final results of

the modal analysis were showed.

In Chapter 5, the seismic performance assessment of the building was carried

out by means of linear dynamic Response Spectrum Analysis (RSA). This assessment

is a quantitative procedure, which determines whether an existing structure is capa-

ble of withstanding the design seismic combination safely. This chapter included the

evaluation of relative storey displacements, drift ratios corresponding the limit states

described in the literature, and the comparison of shear and principal stresses with

their threshold values.

In Chapter 6, EFM was introduced in detail. For validation of EFM, some re-

searches carried out were explained.
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Using the criterion proposed by Dolce (1991), a 2D EFM of the front facade was

established, and the assumptions made in modelling were presented.

In Chapter 7, the seismic performance assessment of the front facade which was

modelled by using EFM technique was described. The non-linear behaviour of ma-

sonry was defined by means of lumped plastic hinges governed by in-plane failure

mechanisms, and two nonlinear analysis methods were utilized for seismic evaluation.

Pushover analysis was adopted as an incremental static nonlinear method where both

mass proportional and mode proportional load cases were applied in analyses. As a

non-linear dynamic method, a set of Non-Linear Time History (NLTH) analyses was

used to perform series of simulations and incremental dynamic pushover curves were

generated. Consequently, the seismic fragility curve was derived to achieve vulnerabil-

ity assessment.

In Chapter 8, the conclusions obtained from all analyses were summarized. The

recommendation for the future work was provided.



7

2. LITERATURE REVIEW

2.1. Recent studies

Dolce (1989) first developed Equivalent Frame Modelling (EFM) that principally

involves the discretization of masonry facades into spandrels, piers and node panels,

taking inspiration from the damages observed after seismic events. Dolce (1989) ob-

served that wall deformation concentrates in piers and spandrels under dynamic exci-

tations. Therefore, these portions were modelled as deformable elements, whereas node

panels were characterized by rigid offsets. Thanks to the empirical rule proposed by

Dolce (1989), the effective heights of piers were described for even irregular alignment

of openings. Nowadays, EFM method has been widely used to carry out the seismic

performance assessment of URM structures, since it is capable of giving accurate results

in achieving global response of structural masonry [3].

Even though, the utilization of Equivalent Frame Modelling enable engineers in

professional and scientific fields to obtain quick and reliable outcomes in the analysis

and assessment of URM structures, some uncertainties arise in the application of EFM

to existing masonry structures, which particularly hold irregular aligned openings.

In an attempt to encounter this gap, Siano et al. (2017) investigated the classifi-

cation and measure of irregularity based on horizontal, vertical, offset, and irregularity

in number of openings, and carried out a comparative study between EFM and FEM

(reference model). The objective of study was to provide accurate recommendations as

a function of the wall geometry in establishing EFM. Hence, a great number of walls

bearing different geometrical arrangements in increasing complexity were tested. For

these arrangements, the concept of frame-like was proposed to evaluate the effective-

ness of EFM and differentiate the walls complying with an ideal frame configuration or

not. Explicit constraints for the practicality and competence of EFM in both regular

and irregular walls have been presented by Siano et al. (2017). In this study, it is ob-

served that as geometrical complexity and the volume of irregularity in the alignment
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of walls increase, this change also gives rise to an increase in differences between EFM

and FEM [4].

A general outline in modelling was developed for uncertainties influencing URM

walls. In order to evolve the accuracy of EFM method by maintaining its ease of

application, a reference was provided for calibration of updated EFM for walls with

complex geometric irregularities. The significance of a geometrical calibration was

drawn by comparative results obtained.

Magenes et al. (1995) made a highly remarkable contribution to the complete

masonry building assessment process, performing the seismic testing of a full-scale two-

storey masonry structure at the University of Pavia to simulate dynamic load/displace-

ment patterns. The detailed test results, the assessment of the structural response to

seismic excitation, and the advance of cracking were presented in terms of displacements

and forces, thus many research groups have found a great opportunity to validate and

compare their results obtained by applying different numerical modelling approaches,

with the outcomes presented by Magenes et al. (1995). Furthermore, this research

study aimed at providing a basis for the assessment of URM structures, such as survey

and observation, interpretation of non-destructive testing in comparison to the out-

comes of the destructive laboratory testing, analytical modelling of masonry compo-

nents and entire building, design of strengthening methods, and analytical modelling

of reinforced structures. Hereby, the experimental data illustrated that the collapse

mechanisms of URM structures may be quite complex, due to the interaction of lat-

eral and horizontal bearing elements and the effect of both constant and varying axial

loads. In addition, it was acknowledged that spandrels, vertical components without

axial loads, are prone to early shear cracking but still the ultimate resistance is con-

trolled by pier failure, and pier heights other than clear opening heights are linked to

rocking mechanisms [5].

Lourenco (1997) carried out a comprehensive research to provide a number of

tools for the analysis of URM structures in plane stress conditions. Since a detailed

modelling of masonry components such as interface, units and mortar, causes compu-
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tational burden and impractical application in analysing large structures, this study

encompassed simplified approaches under the assumption of a homogenous material

and investigated the accuracy of homogenization technique, which may enable expect-

ing the behaviour of the different composites, taking the properties of the components

into account [6].

Magenes et al. (1997) aimed at developing a procedure for the assessment of

strength, deformability and energy dissipation capacity of URM walls. Brick masonry

having nearly constant mechanical characteristics was adopted as only one type of

masonry in an attempt to decrease the scatter of experimental results. The influence

of aspect ratio and shear ratio on shear strength of masonry walls were investigated by

using finite element simulations, and the simplified existing formulations for prediction

of shear strength was compared with shear strength obtained from shear tests of walls.

The most significant parameters influencing deformation capacity of brick masonry

walls subject to cyclic loading were handled. In order to accurately simulate hysteretic

behaviour of masonry panels under dynamic loading, energy dissipation was measured.

Findings from this study showed how ultimate drifts can be a procedure that is directly

related to the shear failure occurring in walls [7].

D’Ayala et al. (2003) developed a tool which is able to withstand a great number

of buildings and carry out statistical analysis, utilizing basic and realistic mechanical

modelling built on limit analysis and macro elements. By means of the mechanical

model established for dry block masonries, in- plane overturning and sliding of isolated

walls were analysed in both absence and presence of live loads imposed. Besides,

this study encompassed the derivation of the ultimate load factors by applying limit-

state approach, and the implementation of parametric analysis. It was observed that

robustness condition and clamping type of connections between masonry walls have

a significant impact on out-of-plane behaviour. Based on damage type occurred after

analysing and structure size, the failure mechanisms of wall assemblies were graded.

Eventually, vulnerability functions reproduced and case studies done demonstrated how

the technique can be operated for proper definition of strengthening interventions [8].
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Pasticier et al. (2008) explored the possibilities for seismic performance analy-

ses of masonry buildings using SAP 2000, which is a user-friendly software program

for practising engineers. In order to validate the consistency of SAP 2000 in analysing

URM, Catania Research Project, a nationwide project already investigated by many re-

search groups in Italia, was initially considered for seismic assessment and comparison,

and Equivalent Frame modelling method was applied by conducting the static pushover

analysis. After obtaining a significant correlation in the results matching with those

represented by other research groups, a case study building with two storeys located in

the north-east of Italy was then investigated to determine the seismic performance and

vulnerability of the masonry structure by means of static pushover and nonlinear time

history analyses. In order to define the nonlinear behaviour of the structure during the

pushover analysis, rocking hinges and shear hinges were employed in piers, but only

shear hinges employed at mid-span in spandrels. The occurrence of structural collapse

was assumed once the in-plane deformation capacity of piers was firstly reached due

to the ultimate shear displacement controlled by shear hinges or the ultimate rotation

controlled by rocking hinges. For this case study building, shear failure with diagonal

cracking in terms of displacement demand was found as more brittle compared to fail-

ure mechanisms based on rocking and sliding after examining the results of pushover

analysis. Therefore, only nonlinear shear link was assigned to the mid-heights of piers

in an attempt to diminish time consuming and computational burden in nonlinear time

history analyses. Finally, the seismic fragility curve was generated by applying incre-

mental dynamic analyses in which several earthquake inputs were used, and scaling

each PGA value of them was performed [9].

Salonikios et al. (2003) studied on URM plane frames for seismic capacity evalu-

ation of existing masonry structures according to FEMA 273 guideline. The numerical

models were established by using SAP 2000 where linear elements with proper plastic

hinges were employed and by using CAST3M program where two different types of

models were investigated, considering either homogenous components or discrete unit

and joint elements. Pushover analysis was adopted as a non-linear method in which

three different lateral load distributions were induced. Load case ACC (uniform distri-

bution) was proportional to the mass tributary to that node, Load case LOAD (inverse
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triangular) proportional to the product of mass times the height of the node and Load

case MODE proportional to the product of mass times mode shapes in the first mode.

Depending on the modelling strategies, analysis results exhibited big differences in

terms of shear strength, corresponding displacements and type of collapse mechanism.

This study drawn a conclusion that simplified model established by SAP 2000 yields

more conservative outcomes in terms of maximum shear strength values. With regards

to load cases, ACC load case resulted in higher strength but different failure mecha-

nism, whereas same failure mechanisms occurred when LOAD and MODE load cases

were imposed [10].

Since masonry structures have been usually constructed by using traditional

methods and territorial construction materials with connatural uncertainties, their as-

sessment procedures have always been a challenging task. In order to overcome these

uncertainties, vibration-based tests may be recently performed to catch accurate modal

parameters of URM structures in analyses.

Gentile et al. (2007) assessed the structural health condition and damage scenario

of the historic masonry bell-tower located in Monza, Italy, applying full-scale ambient

vibration testing. Operational Modal Analysis was used to extract the modal parame-

ters from output- only experimental data and 3-D FE model was established based on

the geometric survey. For structural identification, the Inverse Eigen-Sensitivity (IE)

and the Douglas – Reid (DR) methods were employed. As a result of model updating, a

good agreement between theoretical and experimental modal parameters was attained

by means of the distribution of Young’s modulus in the masonry. This study demon-

strated the dynamic-based assessment of masonry towers can be an effective method

to assess damage in such structures in case of damage scenario principally involving

the lower regions of the building [2].

In order to perform structural implementations such as retrofitting and perfor-

mance assessment of existing structures, and design of new ones, it is required to

utilize an effective tool that can constitute reliable non-linear models. Lagomarsino et

al. (2013) developed TREMURI software specifically oriented to seismic assessment of
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masonry structures, which provides the possibility of inserting different formulations

for masonry panels, alternate algorithms for pushover analysis and explicit modelling

of horizontal flexible diaphragm. In this study, the discretization of masonry walls in

EFM, 3D modelling of whole masonry buildings and seismic analysis procedures were

explained. Finally, solutions acknowledged for the application of equivalent frame in

TREMURI program were presented, and results obtained from this developed soft-

ware were illustrated for comparison and validation with some experimental studies

previously done [11].

Betti et al. (2015) investigated the seismic behaviour of URM buildings with

flexible diaphragms by means of a comparison between finite element (FE) technique

and macro element (ME) approach [12]. A two-storey prototype was set up at the

CNR-ENEA research center, and tested on a shaking table until the extensive damage

and collapse occurred. The tests in summary were performed by implementing the

ground accelerations with a steady increase of 0.05 g, starting from 0.05 g up to collapse

represented by PGA of 0.50 g. At each increment, the condition of the prototype was

interpreted by examining crack patterns, thicknesses and detachments of the bearing

walls. The dynamic responses of two numerical models were initially compared by

conducting six shaking tables test in the range of 0.05 g and 0.3 g in linear field. In order

to simulate non-linear behaviour of the prototype structure, two additional tests were

applied with PGA of 0.35 g and 0.4 g. Emerging damages corresponding the change in

PGA due to gradual increment were illustrated on the figures. When compared to ME

model, it was observed that FE model significantly matched the experimental collapse

mode. Meantime, the comparison was achieved in terms of the absolute accelerations,

displacements, shear forces and stiffness degradation. Consequently, this study pointed

out that FE model is very reliable tool to provide good agreements with experimental

damages, however, ME model does not present a satisfactory development of failure

mechanisms. In all outcomes obtained from two models, the ME underestimates the

shear forces, since more stiffness degradation is considered, compared to FE model.

Simoes et al. (2012) aimed to contribute to the seismic vulnerability assess-

ment of URM by means of nonlinear equivalent frame modelling analysis. Using SAP
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2000 (CSI) software program, the in-plane behaviour of ‘Gaioleiro Building’ facade

was investigated. Nonlinear behaviour was defined by lumped plastic hinges, and In-

cremental Pushover analysis was applied to identify the capacity curve of the facade.

Consequently, the shear capacity of piers controls the occurrence of global collapse [13].

Sonekar et al. (2015) simulated the non-linear behaviour of two structural ma-

sonry facades established in EFM, applying different lateral load patterns in Pushover

analyses. Uniform load pattern is only proportional to mass. Mode load pattern is

proportional to first mode shapes multiplied by storey masses. The last one is called

Parabolic load pattern, which was determined according to IS 1893 (part1). In or-

der to carry out the performance assessment of the considered building, the fragility

curves in both x and y direction were generated in terms of spectral acceleration vs

spectral displacement curves [14]. According to four damage states defined in FEMA

2003 corresponding to spectral displacement limits proposed by Kappos et al., the

fragility curves obtained were examined. It was concluded that the structural collapse

was dictated by shear failure. The higher lateral force- displacement capacity for the

investigated building was attained under uniform load pattern compared to mode and

parabolic load patterns. Finally, it was observed that the damage probability made up

around 65 % in moderate damage level represented by Gr 2 in FEMA 2003.

Petry (2015) contributed the improvement of the design and assessment methods

for URM walls made from modern hollow core clay bricks. Quasi-static cyclic tests

were performed to test two series of URM walls at both full-scale and half-scale in

increasing drift demands by governing boundary conditions. By examining test results

obtained and wall tests from literature, an empirical equation was established to pre-

dict the ultimate drift capacity of URM walls, taking boundary conditions, size effect

and aspect ratio into account. Limit states corresponding to typical points on global

force-displacement curve and deformation parameters to be utilized for mechanical and

numerical models of masonry walls were identified. Consequently, based on these out-

comes, a new mechanical model was set up to accurately simulate non-linear response

of flexural dominated URM walls up to the limit state of Near Collapse [15].
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2.2. Seismic responses of masonry walls

According to post-earthquake damage surveys, it has been observed that seismic

responses of masonry walls based on both in-plane and out-of-plane occur simultane-

ously and local damage mechanisms are mainly dominated by out-of-plane response of

masonry walls due to overturning of portions of walls in large scale as shown in Figure

2.1.

Figure 2.1. (a) local damage mechanisms [8] , (b) global response mechanism [16].

In masonry structures, poor connections between orthogonal walls and vulnera-

ble clamping between bearing walls and floors give rise to the local damage mechanism

characterized by out-of-plane response [16]. An accurate seismic performance of ma-

sonry structures can only be carried out by preventing out-of-plane responses. As a

result, the global response of the structure occurs [12]. For existing unreinforced ma-

sonry buildings, the global behaviour can be performed by means of proper elements

(ties, rods etc) strengthening connections. In presence of these required conditions that

links to the global behaviour, in-plane walls satisfy adequate resistance to structural

collapse [7].
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2.3. Walls subjected to face loads

One of the main reasons lying behind the demolition of unreinforced masonry

buildings is the collapse of out-of-plane walls subjected to face loads, when a timber

floor and roof are supported by these walls. Robustness of connections (between bearing

walls) and the interlock (between bearing walls and diaphragms), and the type of

diaphragm have a significant effect on the seismic performance of the face-loaded URM

walls. Under face loads, the responses of walls that have different type of diaphragm

and connections between them are illustrated in Figure 2.2.

Figure 2.2. a) inferior wall-to-wall connection and no diaphragm, b) good wall-to-wall

connection and ring beam with flexible diaphragm, c) good wall-to-wall connection

and rigid diaphragm [17].

In presence of poor connection between Gamble end wall sitting at the end of

buildings with pitched roofs and the roof or ceiling, the wall will act as a free cantilever.

Therefore, this behaviour makes it vulnerable to collapse and causes one of the common

sorts of out-of-plane failure of gable walls [17]. In addition, out-of-plane demands are

largest at the upper level of walls, but its capacity is lowest in these areas as vertical

loads acting on them decreases. Hence, the overturning of walls begins from the top if

these are not properly connected to the diaphragm.
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Figure 2.3. Out-of-plane instability of the wall subjected to face load due to a lack of

ties between the face-loaded wall and rest of the structure [17].

Tomazevic (1999) demonstrated that out-of-plane vibration of URM walls is more

apparent at the top floor level. That is stemmed from the lack of overburden load on

the walls and amplification of earthquake shaking at that level [18].

2.4. Walls subjected to in-plane loads

In-plane walls may be described as structural members resisting lateral forces

acting parallel to their wall lengths and categorized into two main groups namely

unpenetrated and penetrated walls. With regards to unpenetrated walls, if the wall

height is larger than length, it is called solid wall but if not so, it is termed squat wall.

Main difference between them as well as their aspect ratio is the behaviour under lateral

forces. Solid walls behave as cantilevered vertical flexural elements and principally

withstand lateral forces with flexural mechanisms, whereas the latter withstands lateral

forces with shear mechanisms. Penetrated walls can be defined as a system consisting

of piers, vertical structural elements, and spandrels, horizontal structural elements,

connecting piers to each other. If spandrels have adequate stiffness in bending, piers
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can be assumed to be fully restrained against rotation at their both ends. If the wall

has relatively large openings, it demonstrates the behaviour of a cantilevered shear

element from the foundation. Pier deformations give rise to storey drifts with little

rotations of the storey level [19].

Damage occurring in URM walls under in-plane seismic effects is less significant

than damage because of out-of-plane seismic effects. The major failure modes that

govern the global seismic response of in-plane walls to the seismic excitation can be

classified into 4 groups namely rocking, diagonal shear cracking, sliding shear and toe

crushing. Under in-plane earthquake shaking, one or the combination of these failure

modes have been observed in piers, in parallel to this, spandrels also have some of them

including diagonal shear cracking, joint sliding and unit cracking failure modes. The

potential in-plane failure modes occurring in penetrated and unpenetrated walls are

illustrated in Figure 2.4.

Figure 2.4. In-plane failure mechanisms of URM walls [20].
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2.5. In-plane capacity of URM walls

Mechanism of lateral resistance is primarily affected by the pier geometry, bound-

ary conditions, the volume of lateral loads and the properties of masonry components

(mortar, unit and mortar-unit interface). Flexural response is prone to be character-

ized by rocking of piers and failure is mostly dominated by shear either diagonal tensile

mode or sliding [7].

In an attempt to enable masonry structures to demonstrate non-linear behaviour

and reach limit states accurately, the definition of the in-plane capacity of structural

masonry is a crucial phase. Therefore, equations proposed by codes or experimental

studies giving the strength capacity of URM walls for diagonal tension, rocking, bed-

joint sliding and toe crushing should be carefully evaluated and the lower value of

strength capacity should be taken into account in calculations.

2.5.1. Diagonal tensile capacity

If principal stresses emerging due to dynamic excitation exceed the tensile strength

of walls or piers, diagonal cracks develop and diagonal tension failure mode occurs.

Since this type of failure brings about a sudden reduction in stiffness and strength

after the cracks develops, it is seen as one of the unwelcome failure modes. Inclined

diagonal cracks may advance in either a stair- step pattern along the bed and head

joints depending on the relative strength of masonry components or a straight diagonal

path along masonry units. The first action is observed in case of weak mortar in terms

of tensile strength relative to unit, otherwise the latter is observed. If the wall has an

aspect ratio (L/h) larger than 1.5, less tensile strength and high axial stresses, diagonal

tension failure is more likely to occur [19].
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According to NZSEE (2015), the maximum diagonal tensile strength of URM

walls is calculated, as shown below.

Vdt = fdtAnβ

√
1 +

fa
fdt

(2.1)

where fdt is the masonry diagonal tension strength, An is the area of net mortared/

grouted section of the wall web, fa is the axial compression stress due to gravity loads

at the base of the wall, and β is a factor to correct nonlinear stress distribution. Take

β = 0.67 when heff/L >1.5, β = 1 when heff/L <0.5, and linear interpolation is used

for intermediate values.

According to Italian code (2003), the equation below was originally developed by

Turnsek and Sheppard (1980) [21].

V f
u =

1.5fv0dDt

ξ

√
1 +

σ0
1.5fv0d

(2.2)

where fv0d is the design shear strength with no axial force, σ0 the mean vertical stress

due to gravity loads, D is the pier width, t is the pier thickness, and ξ is the coefficient

dependent on pier aspect ratio (1.5 if heff/D >1.5; heff/D if 1≤ heff/D ≤1.5; 1 if

heff/D <1).

According to FEMA 356,

Vdt = f ′dtA
L

heff

√
1 +

p

f ′dt
(2.3)

where f ′dt is the lower bound masonry diagonal tension strength, A is the area of

cross section, heff is the effective wall height, L is the wall length, and p is the mean

compressive stress on the wall.
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2.5.2. Rocking capacity

Under sustained cyclic loading, rocking of URM piers may end up with the crush-

ing of pier end zones, and the delamination of units (brick) is observed in case of weak

mortar. The rotation of entire piers causes the damage to the building [17]. Experi-

mental investigations carried out have demonstrated that URM elements, whose failure

mode is rocking, have significant displacement capacity, low levels of hysteretic energy

dissipation and limited strength reduction. If the wall has an aspect ratio (L/h) less

than 1, adequate mortar strength and light amount of axial stresses, rocking failure

is more likely to occur. When the lateral force attains a value of PL/2h, rocking will

develop about the pier toe [19].

According to NZSEE 2015, the rocking capacity of URM walls is calculated, as

shown below.

Vr = 0.9(αP + 0.5Pw)
Lw
heff

(2.4)

where α is a factor equal to 0.5 for fixed-free cantilever wall or equal to 1 for fixed-fixed

wall pier, P is the dead and superimposed dead load at top of the wall, Pw is the

self-weight of the wall, Lw is the wall length, and heff is the wall effective height.

According to Magenes et al. (1997),

Vr =
D2t

H0

p

2
(1 − p

κfu
) (2.5)

where D is the pier length, t is the pier thickness, p is the mean vertical stress on the

pier due to axial load P , H0 is the effective pier height, κ is the coefficient related

to vertical stress distribution (=0.85 due to the assumption of equivalent rectangular

stress block), and fu is the compressive strength of masonry.
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According to Eurocode 6, the strength is described in terms of ultimate moment

Mu that may be approached to a proper stress distribution for the masonry in com-

pression, neglecting tensile strength [22]. This equation was derived from Equation

2.4.

Mu =
σ0D

2t

2
(1 − σ0

κfd
) (2.6)

where σ0 is the mean vertical stress, D is the pier length, t is the pier thickness, κ

is the coefficient related to vertical stress distribution (=0.85 due to the assumption

of equivalent rectangular stress block), and fd is the design compressive strength of

masonry.

According to FEMA 356,

Vr = 0.9αPE
L

heff
(2.7)

where PE is the expected axial compressive force due to gravity loads, L is the wall or

pier length, heff is the effective wall or pier height, and α is a factor equal to 0.5 for

cantilever wall, equal to 1 for fixed-fixed wall.

2.5.3. Sliding (bed-joint and slip plane) shear capacity

Experimental investigations carried out have demonstrated that URM elements

with an aspect ratio (L/h) larger than 1.5, whose failure mode is bed-joint sliding,

have significant displacement capacity, high levels of hysteretic energy dissipation due

to frictional resistance emerging between masonry components and limited strength

reduction. This type of failure mode may demonstrate either a concentrated deforma-

tion at a few bed joints or a distributed deformation throughout several bed joints.

The type of deformation observed is characterized by cohesion ratio and frictional

coefficient. The equations for sliding shear strength are given below.
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According to NZSEE 2015, bed-joint sliding is defined, as shown in Equation 2.8.

Vs = 0.7(tnomLwc+ µf (P + Pw)) (2.8)

where tnom is the nominal thickness of wall, Lw is the wall length, c is the masonry

bed-joint cohesion, µf is the friction coefficient, P is the superimposed and dead load at

top of wall/pier, and Pw is the self-weight of wall and pier. Slip plane sliding strength

can be derived from Equation 2.7 where c is adopted as zero.

According to Italian code (2003), the equation for sliding shear was originally

proposed by Magenes et al. (1997).

V s
u =

3
2
fv0d + µ σ0

γm

1 + 3H0

Dσ0
fv0d

Dt (2.9)

where fv0d is the design shear strength with no axial force, σ0 is the mean vertical

stress due to gravity loads, µ is the coefficient of friction, γm is the safety factor (equal

to 2), D is the pier length, t is the pier thickness, and H0 is the effective pier height

[23].

According to FEMA 356, bed-joint shear strength is proposed below.

Vbjs = 0.5(0.75υteAn + PCE) (2.10)

where υte is the average bed-joint shear strength, An is the area of net mortared/grouted

section of a wall/pier, and PCE is the expected gravity compressive force.

According to Eurocode 8.3, for masonry elements under shear force, shear capac-

ity can be calculated using the equation defined below [24].

Vf = fvdD
′t (2.11)
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where, D′ is the depth of the compressed area of the wall, t is the wall thickness,and

fvd is the masonry shear strength in presence of vertical load and equal to fvm0 +

0.4N/D′t ≤ 0.065fm, where fvm0 is the mean shear strength in the absence of vertical

load, and fm is the mean compressive strength.

2.5.4. Toe crushing capacity

For the walls with an aspect ratio (1<L/h<1.5), a significant increase in strength

has been observed after the formation of flexural cracks at the heel of wall as a result

of vertical compressive force moving towards the toe. As cracks develop, a nonlinear

force-deformation relation starts with softening of URM walls, and a rapid degradation

in stiffness and strength occur. If the shear capacity is not attained, the ultimate limit

state is governed by toe crushing which is a force based failure mode [25]. The equations

defined for toe crushing strength are given below.

According to NZSEE 2015,

Vtc = (αP + 0.5PW )(
Lw
heff

)(1 − fa
0.7f ′m

) (2.12)

where α is a factor equal to 0.5 for fixed-free cantilever wall or equal to 1 for fixed-fixed

wall pier, P is the superimposed and dead load at top of wall/pier, PW is the self-weight

of wall and pier, Lw is the wall length, heff is the effective height of pier/wall, fa is

the axial compression stress due to gravity load at mid-span, and f ′m is the masonry

compressive strength.

According to FEMA 356,

Vtc = αPL(
L

heff
)(1 − fa

0.7f ′m
) (2.13)

where PL is the lower bound axial compressive force due to gravity loads.The variables

of Equation 2.13 are also represented in Equation 2.12. Both are similarly generated.
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2.6. Mechanical material properties of masonry

As it has been described in Section 2.1, the seismic response of URM buildings is

substantially influenced by boundary conditions, aspect ratio of masonry elements and

the behaviour of connections between bearing elements. In order to improve the reli-

ability of seismic assessment and numerical models established for simulating seismic

behaviour of URM buildings, on-site testing of material properties is to be performed.

Primarily, two methods are utilized, namely field sampling and field testing of URM

components. Field sampling applies to the extraction of prisms from an existing build-

ing for following testing offsite, whereas the latter method includes in-situ material

testing where flat jack, bond wrench and hydraulic jack devices are used to determine

compressive strengths and elastic modulus in compression, flexural tensile strength,

and shear strength of URM components, respectively.

Furthermore, it is known that masonry structures are vulnerable to natural haz-

ards such as earthquakes and landslides, and they are susceptible to aggressive envi-

ronments which cause aging and degradation of materials throughout their lifespan.

Therefore, the physical condition of existing masonry components and their connec-

tions should be evaluated to detect the damage and deterioration level of masonry

units, mortars and grouts. The specific objectives of a condition assessment are to:

• Investigate the condition of components and the presence of any degradation.

• Verify the arrangement of components and the continuity of load transfer between

components, elements and systems.

• Survey adjacent party walls and structures, existence of non-structural compo-

nents and restrictions for rehabilitation.

Condition assessment of URM structures can be carried out by means of visual

examination, non-destructive tests and supplemental tests. Visual examination is the

quickest applicable one between them in order to obtain a general information regard-

ing apparent condition states of masonry materials and quality of construction. This

technique also determines if other test methods are required for further investigations.
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In case of a need for more advanced assessment, non-destructive tests are highly sug-

gested since they offer several advantages in implementation such as their minimum

physical intervention and respect of the original construction. Non-destructive testing

can be categorized into four major groups namely ultrasonic pulse velocity, mechanical

pulse velocity, impact echo and radiography. Ultrasonic pulse velocity enables detect-

ing changes in the density and modulus of masonry materials. However, ultrasonic

methods cannot be performed if masonry structures under investigation hold poor

quality and a great number of cracks. In addition to this, ultrasonic pulse has a high

frequency but low energy content, thus it cannot reach long travel distances. Due this

drawback, the mechanical pulse methods should be performed instead of ultrasonic

methods to determine overall mean properties of masonry with huge portions. An-

other technique named impact echo is useful for detecting the void areas taking part

in grouted reinforced walls while radiography technique can be utilized to determine

the location of reinforcing steels in masonry walls. Apart from visual examination and

non-destructive testing techniques described above, supplemental tests, classified as

destructive methods, can be used for condition assessment of masonry structures as

well. They are significant tools to identify material properties and, the seismic response

of both in-plane and out-of-plane masonry walls. However, they give rise to high cost

and significant local damage where they set up [19].

Based on visual observations and findings obtained from experimental studies,

probable masonry material properties have been compiled and presented in the relevant

tables of some codes such as Italian code (NTC 2008), NZSEE 2015 and FEMA274. In

the absence of a comprehensive testing programme, these values proposed in the codes

can be used for the assessment of URM structures.

2.6.1. Material properties of masonry defined in NZSEE 2015

Probable material strength parameters for clay bricks and lime/cement mortars

are presented in Figure 2.5 and Figure 2.6, respectively, based on a simple scratch test

against hardness of components. It is important to make sure that segregated material

surface is removed before assessing hardness characteristics of components.
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Figure 2.5. Probable strength parameters for clay bricks [17].

Figure 2.6. Probable strength parameters of mortar [17].

The probable modulus of rapture of clay bricks can be calculated using the equation

given below.

f ′r = 0.12f ′b (2.14)

The probable compressive strength of masonry can be calculated using Equation 2.15

given below. using the equation given below.

f ′m =

 0.75f ′0.75b f ′0.3j for f ′j ≥ 1MPa

0.75f ′0.75b for f ′j < 1MPa
(2.15)
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Brick and mortar compressive strength values used in Equation 2.15 are presented in

Figure 2.7.

Figure 2.7. Probable compressive strength of brick masonry [17].

The probable diagonal tensile strength of masonry can be calculated using Equation

2.16 given below.

fdt = 0.5c+ faµf (2.16)

where c is the masonry bed-joint cohesion, fa is the axial compression stress due to

gravity loads, and µf is the masonry co-efficient of friction. Using Equation 2.17 and

2.18, Elasticity modulus and Shear modulus of clay brick masonry can be calculated,

respectively.

Em(MPa) = 300f ′m (2.17)

Gm(MPa) = 0.4Em (2.18)
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2.6.2. Material properties of masonry defined in FEMA 356

Initially, default lower bound values of material properties are presented in Figure

2.8, based on three types of masonry condition namely good, fair and poor. Figure 2.9

demonstrates factors that will be used to convert lower bound masonry properties into

probable strength masonry properties.

Figure 2.8. Default lower-bound masonry properties [25].

Figure 2.9. Factors to convert lower bound masonry properties into expected strength

masonry properties [25].

Using Equation 2.19 and 2.20, expected Elasticity modulus and Shear modulus of

masonry can be calculated, respectively.

Eme(MPa) = 300f ′me (2.19)
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Gme(MPa) = 0.4Eme (2.20)

where fme is the expected masonry compressive strength.

2.6.3. Material properties of masonry defined in Italian Code (NTC 2008)

According to the most common masonry typologies, reference values of mechani-

cal material properties and average specific densities of masonry are presented in Figure

2.10.

Figure 2.10. Reference values of material properties for several masonry typologies

[16].

2.7. Modelling Techniques for URM walls

The structural assessment of masonry has always been a challenging task due

to its connatural complexity and uncertainty. These drawbacks have led engineers to

develop effective modelling approaches. Finite Element Modelling (FEM) technique in

all proposed approaches has been a more reliable and preferred tool for the analysis of

URM structures. This is because FEM technique provides an opportunity to simply



30

define all geometric configurations of masonry structures in modelling, and offers a

considerable versatility in adopting various constitutive laws [26].

Lourenco (1996) made a significant contribution to the FEM technique, propos-

ing three approaches namely detailed micro-modelling, simplified micro-modelling and

macro-modelling. As seen in Figure 2.11, the three modelling approaches differ from

each other with their level of refinements.

Figure 2.11. Modelling approaches for masonry structures (a) masonry sample, (b)

detailed micro-modelling, (c) simplified micro-modelling, (d) macro-modelling [6].

Detailed micro-modelling includes discrete units and mortars characterized by

continuum elements but unit-mortar interface characterised by discontinues elements.

In simplified micro-modelling, expanded units are characterized by continuum elements

whereas the behaviour of the mortar joints and unit-mortar interface is lumped in

discontinuous elements. In Macro-modelling, all components of masonry are smeared

out in the continuum [6].
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2.7.1. Micro-modelling technique

Masonry components (units, mortar, and unit-mortar interfaces) are modelled on

an individual basis. This discretisation of masonry composites constitutes a number

of finite elements, which have accordingly different mechanical properties. Therefore,

their complex behaviours are involved in analyses.

In order to accurately determine mechanical properties of masonry materials,

there is a highly need for a great amount of data and comprehensive test programme.

That is because every constituent has its distinct material property such as Elasticity

Modulus, Poisson’s ratio, etc. Besides, the dimension of units, arrangement of bed

and head joints, craftsmanship quality and environmental conditions are major fac-

tors, which influence the accuracy of assessment of masonry structures. Hence, in-situ

examination is required before applying detailed micro-modelling technique.

Regarding simplified micro-modelling technique, the size of units is enlarged to

keep the geometry unaffected. Instead of modelling masonry components separately,

each joint is lumped into an average interface and thus Poisson’s effect of mortar

is neglected. Therefore, the crack patterns of panels are governed by interfaces, and

cracks are observed throughout these interfaces when the cracking capacities have been

attained [6].

Particularly, micro-modelling studies are necessary so as to have a better under-

standing of the local behaviour of masonry structures. In addition, this technique is

more applicable for masonry with small portions, rather than large scale structures.

2.7.2. Macro-modelling technique

Instead of the discretization of masonry composites, a single composite mate-

rial, consisting of units and mortar joints, and acting as a homogeneous anisotropic

continuum, is considered in macro-modelling technique. It is more practical to model

a whole structure using this approach due to reduced time, less computational effort
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and user-friendly mesh generation. Since the homogenization of masonry components

is utilized to generate a macro-model of masonry, less material properties are needed.

Thus, simple test methods or reference values (see Section 2.6) can be adequate to

define masonry material properties for macro-model generation, instead of applying

experimental work that requires high budget and extensive effort.

However, macro modelling approach may not be able to properly simulate the

crack patterns governed by local failure modes. For example, stair-step pattern along

the bed and head joints is observed, in case of weak mortar and strong unit. Due to

masonry composites acting as homogeneous anisotropic continuum, this kind of pattern

cannot be illustrated by macro-modelling technique. Despite this drawback, when an

agreement between accuracy and efficiency is required, macro-modelling approach is

the most valuable [6].
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3. BUILDING INFORMATION

In this study, Kadikoy Health Care Center that will be under investigation is a

registered historical masonry building in Istanbul, which was constructed in 1925. It

consists of basement, ground and first floors with a base area of 569,44 m2. Views of

building are shown below.

Figure 3.1. Front view and rear view of the building, respectively.

When in-situ examination was carried out, it was observed that the building keeps

its original form as seen in Figure 3.1. However, some interventions made were detected

in the left facade where three window openings were converted into a large window by

removal of the bearing walls between openings, as indicated in Figure 3.2. Besides,

connection of intersecting walls and clamping between bearing walls and floor systems

were detected in good condition. Therefore, proper conditions that may prevent the

out-of-plane failure mechanism were observed during in-situ survey.
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Figure 3.2. Right view and left view of the building, respectively.

Bearing walls are composed of solid bricks and Horosan type local mortar which

is widely used in the construction of masonry structures in Turkey. Dimensional char-

acteristics of the building are listed below.

• Plan measurements are 33.09 m in the longitudinal direction and 18.84 m in

transversal direction.

• Storey heights of basement, ground and first floors are 3.45 m, 4.84 m and 4.45

m, respectively.

• The wall thicknesses vary between 68-88 cm in the basement, 45-76 cm in the

ground floor and 32-65 cm in the first floor.

• The slabs of ground floor and 1st floor consists of brick arch floor systems, where

the steel beams of INP180 are settled with an interval of 60 cm. The roof slab is

made of oak timber elements.
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As a summary of the structural features explained above, the plan of ground floor and

load-bearing system details are demonstrated in Figure 3.3 and Figure 3.4, respectively.

Figure 3.3. Plan of ground floor (dimensions are in centimetres).

Figure 3.4. Illustration of load-bearing system of the URM building.
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3.1. Material tests

In order to determine strength parameters of the URM walls, shear and compres-

sion tests were implemented by the owner both in-situ and in laboratory, and a detailed

test report was presented. Three prisms at ground floor and two prisms at 1st floor

were extracted from different locations of the masonry building, and afterwards these

samples were loaded by hydraulic jacks for in-situ shear tests. In addition to in-situ

tests, two another core samples were extracted from the masonry walls at ground floor

and tested in laboratory conditions. Shear test results are presented in Table 3.1.

Table 3.1. Shear strength of masonry walls.

Sample

No
Location Test Type

Shear Strength

(MPa)

Z-1 Ground Floor In-situ 0.49

Z-2 Ground Floor In-situ 0.68

Z-3 Ground Floor In laboratory 0.32

Z-4 Ground Floor In laboratory 0.58

Z-5 Ground Floor In-situ 0.27

I-6 1st Floor In-situ 0.21

I-9 1st Floor In-situ 0.24

Average shear strengths of masonry walls for ground and 1st floors can be cal-

culated as 0.47 MPa and 0.23 MPa from the table, respectively. Due to the fact that

strength values may vary from a sample to another one throughout the wall, strength

values that are multiplied by reduction factors for safety should be considered in anal-

yses. According to the test report, reduced shear strength values 0.2 MPa and 0.15

MPa were recommended by the owner for ground and 1st floors, respectively.Finally,

compression test was performed on brick-mortar samples, which were randomly ex-

tracted from different places of the floors to define the compressive strength of URM

walls. The results obtained from the compression test are shown in Table 3.2. The

compressive strength of the masonry wall is adopted as 5.65 MPa in calculations.
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Table 3.2. Compressive strength of masonry walls.

Sample

No
Location Test Type

Compressive Strength

(MPa)

1 Ground Floor In laboratory 6.8

2 Ground Floor In laboratory 4.5

3 1st Floor In laboratory 7.2

3.2. Site Investigation

Generally, site investigation aims at establishing parameters for foundation and

substructure design, and evaluating the possible geotechnical, geologic and hydrological

hazards to the environment and human life. The extent of the investigation must be

sufficient to determine the physical and mechanical properties of soil in detail, since

these properties will have a significant influence on the soil-structure interaction. The

dynamic behaviour of structures is also dependent on the response of soil.

Therefore, a comprehensive site investigation was carried out by the owner to

identify the mechanical and physical properties of soil and the foundation system of

the structure. Basically, five boreholes, seismic refraction with four profiles, one resis-

tivity and two microtremor measurements were performed so as to investigate the soil

stratum. Based on findings obtained from the experimental study, a soil investigation

report is presented in Table 3.3.

Table 3.3. The soil investigation report.

Soil Group B

Local Site Class Z2

Shear Wave Velocity m/sec 705

Site Dominant Vibration Period : T0 sec 0,29

Spectrum Characteristics Periods sec
TA=0,15

TB=0,40

Seismic Zone 1
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In order to gather information about the foundation system of the building, an

excavation work was performed. Stone strip foundation system was observed beneath

the bearing walls, having 150 cm depth and a 20 cm-extension from both side of the

wall, as indicated in Figure 3.5 below. Undisturbed stiff soil is in direct contact with

the stone foundation.

Figure 3.5. Excavation work to determine the foundation system.

3.3. Ambient-Vibration based investigation

It is apparent that the assessment process of URM structures has been suffered

from uncertainties and complexity based on the behaviour of structural masonry. Non-

destructive tests can be more practical than other test methods in implementation,

since they do not require excitation equipment and considerable physical intervention,

and do not deteriorate structural integrity. Hence, full-scale Ambient Vibration Test

(AVT) was implemented for the system identification of the building, using five Kine-

metrics Episensors type accelerometers. Two sensors were placed on ground level and

three sensors were placed on 1st floor [27].
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Figure 3.6. The directions and positions of sensors.

Following this, the global dynamic characteristics of the building was extracted

from AVT by utilizing Frequency Domain Decomposition (FDD) which is an output-

only technique in frequency domain. This procedure including the extraction of modal

parameters from AVT is termed Operational Modal Analysis (OMA) in the literature.

Figure 3.7 demonstrates Power Spectral Density (PSD) and modal frequency values

obtained by means of FDD.
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Figure 3.7. PSD of the acceleration data.

As a result of Operational Modal Analysis, modal frequencies obtained are as

follows:

• Mode 1 (X) = 5.4 Hz

• Mode 1 (Y) = 6.0 Hz

• Mode 1 (T) = 6.45 Hz

For seismic performance assessment, identified dynamic parameters will be a reference

to ensure whether the dynamic response of the structure is accurately simulated by

conducting modal analysis, and will provide a basis for determining uncertain structural

parameters of the model such as the Modulus of Elasticity.



41

4. FINITE ELEMENT MODELLING TECHNIQUE

Finite element models based on proper constitutive laws for the masonry com-

ponents provide an accurate determination of the critical locations where the failure

mechanisms occur, and a reliable simulation of force redistribution and coupling effect

between orthogonal walls. Therefore, in this study, FEM technique was utilized in or-

der to carry out the seismic performance assessment of the building by means of linear

dynamic analysis.

4.1. Finite Element Model

A 3D Finite Element model of the entire building was generated with a total

number of 12050 nodes, 11877 areas and 3994 frames, as shown in Figure 4.1. Two-

dimensional shell with four nodes was used for building up the bearing walls and slabs.

The beams settled with an interval of 60 cm in the slabs were modelled with frame

elements. The bearing walls and slabs were divided into areas with a size of 60 x 60

cm to make space for door and window openings.

Figure 4.1. 3D Finite Element model of the entire building.
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• The specific weights of materials γwall, γslab, γroof(oak) and were adopted as 20

kN/m3, 15 kN/m3 and 8 kN/m3 in the calculation of dead loads (G), respectively.

• Live loads (Q) acting on ground floor, 1st floor and roof floor were adopted as 3.5

kN/m2, 3.5 kN/m2 and 2.25 kN/m2 according to EN 1991-1-1 for category C3

and category A [28].

• Mass source was defined as a combination of self-weight due to dead loads and

specified load pattern (Live Load) multiplied by a coefficient of 0.3 according to

EN1998-1 [29].

The summary of load patterns and material weights used in the model are listed

above. At the first stage of modelling, the initial material properties presented in

Chapter 3 were used, afterwards the determination procedure of uncertain structural

parameters based on model updating is highlighted.

In the assessment of URM structures, it has always been a difficult task to an-

ticipate the condition of clamping between bearing walls and floors, and the influence

of floor systems on rigid diaphragm. Therefore, it is required to gradually investigate

the change in each phase while modelling. The changes in modal frequency, period

and modal participating mass ratio of the structure were examined under six different

cases in an attempt to set up an accurate finite element model. For each case, all

joints on the interaction surface between the foundation and soil were assumed to be

fully restrained. The assignment of soil springs in vertical direction will be investigated

afterwards.

Table 4.1. The completion level of the finite element model for each case. The

columns corresponding to completed assignments are marked and others left blank.

CASE WALLS BEAMS SLABS DIAPHRAGM OPENINGS W/O OPENINGS

Case 1 X X X

Case 2 X X X X

Case 3 X X X

Case 4 X X X X

Case 5 X X X X

Case 6 X X X X X
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Table 4.2. Modal parameters for each case.

Modal

Parameters

Case

1

Case

2

Case

3

Case

4

Case

5

Case

6

Mode 1

(Bending)

T (sec) 0.117 0.118 0.155 0.133 0.183 0.177

f (Hz) 8.529 8.466 6.47 7.495 5.456 5.664

Modal Mass

Participating

%

67.1 67.43 18.9 67.26 63.75 62.89

Direction Y Y X Y X X

Mode 2

(Bending)

T (sec) 0.115 0.116 0.152 0.13 0.165 0.158

f (Hz) 8.693 8.645 6.569 7.72 6.073 6.321

Modal Mass

Participating

%

65.25 65.55 0.58 67.46 65.38 66.58

Direction X X Y X Y Y

Mode 3

(Torsional)

T (sec) 0.102 0.103 0.151 0.114 0.147 0.141

f (Hz) 9.808 9.756 6.626 8.785 6.807 7.11

Modal Mass

Participating

%

68.08 68.09 0.072 66.46 62.81 62.40

Direction RZ RZ RZ RZ RZ RZ

The values of period, frequency, modal participating mass ratio and the directions

of mode shapes for each case are shown in Table 4.2. When comparing Case 2 with Case

1, there is no significant change in terms of modal parameter values, since the cross-

sectional areas of floor beams are not adequate to make a considerable contribution to

the stiffness and mass. In Case 3, modal mass participating ratio significantly reduces

to 18 % in x direction, to almost 0 % in y direction, since the load transfer in horizontal

direction cannot be carried out effectively in the absence of rigid diaphragm assign-

ment or slabs. However, Case 4, which is obtained by assigning the slabs to Case 3 holds
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approximately 67 % modal mass participating, which signifies that the slabs provide a

sufficient diaphragm effect on the dynamic response of the structure. When taking Case

5 into consideration, a striking point is the change observed from 0.133 sec to about

0.18 sec in period, despite the same completion level of the finite element model except

the presence of openings compared to Case 4. In the meantime, it is observed that the

reduction in mass due to removal of some areas for openings has a less influence than

the reduction in stiffness on the modal period. After analysing the results obtained

from cases and comparing them to each other, Case 5 was taken as a reference model

where rigid diaphragm constraint was not assigned to slabs in comparison with Case

6. Therefore, actual in-plane stiffness properties and behaviour are simulated, and this

produces a more realistic distribution of the forces to the lateral resisting elements.

Table 4.3. Base reactions in z direction.

CASE
BASE REACTIONS (z direction)

DEAD (ton) G +n*Q (ton)

Case 1 3314.79 -

Case 2 3357.28 -

Case 3 3357.28 -

Case 4 3737.3 3879.14

Case 5 3169.33 3311.17

Case 6 3169.33 3311.17

Base reactions acting in z direction are presented for each case in Table 4.3. A

base reaction of 3314.79 ton in Case 1 corresponds to self-weight of complete bearing

walls. Once all bearing elements are built without openings, as same as Case 4, the base

reaction value is equal to 3737.30 ton. After applying live loads acting on the floors,

the total weight of structure obtained from a load combination of g+ 0.3q corresponds

to 3879.14 ton. When the 3D finite element model is completed as Case 5, it is seen

that the total weight of openings which is 568 ton accounts for 18 percent of self-weight

of the entire structure.
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4.2. Soil flexibility

During in-situ examination, it was observed that the basement walls do not act as

retaining walls since their lateral surface is not directly in contact with soil. Therefore,

it was aimed to involve soil flexibility in analyses by assigning soil springs to the

reference model “Case 5” only in the vertical direction. Required data was provided

by the soil investigation report in Table 3.3. According to Turkish Seismic Code, the

soil consists of dense sand and gravel for soil group B with a shear wave of 705 m/sec,

as seen in Figure 4.2.

Figure 4.2. Soil groups and their descriptions [31].

The coefficient of soil reaction ks was identified for the soil Z2 belonging to Group

B, referring to Bowles (1996) where ks values for the soil types are suggested in Figure

4.3. According to this figure, ks can be defined as a value between 64000- 128000

kN/m3.
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Figure 4.3. Soil reaction coefficients corresponding to soil types [30].

Figure 4.4. The joints of shell elements on the foundation-soil interaction surface.

Effective tributary area of each finite (shell) element contacting with the soil was

calculated and multiplied by a soil reaction coefficient. As a result, soil spring constants

obtained were individually assigned to 347 joints in translation z.
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Table 4.4. The calculation of k spring coefficients of 347 joints for ks=128000 kN/m3.

Axis Interval
Length

(m)

Wall

tickness

(m)

Footing

(m)

Total

Area

(m2)

# of

Joints

kjoint

kN/m

A 1-4 19.03 0.8 1.2 22.84 33 88570

B

1-3 10.8 0.8 1.2 12.96 19 87303

3-4 5.28 0.76 1.16 6.13 10 78422

0-4 2.97 0.6 1 2.97 5 76027

C
3-4 6.43 0.75 1.15 7.39 13 72802

0-4 2.97 0.6 1 2.97 5 76027

D
2-3 6.71 0.7 1.1 7.38 12 78725

3-4 6.43 0.77 1.17 7.52 12 80241

E 3-4 6.73 0.75 1.15 7.74 13 76199

F

1-2 4.39 0.84 1.24 5.44 8 87092

2-3 6.71 0.7 1.1 7.38 11 85882

3-4 5.23 0.8 1.2 6.28 10 80327

G

1-3 10.8 0.7 1.1 11.88 19 80028

3-3* 1.8 0.84 1.24 2.23 3 95225

3*-4 5.23 0.88 1.28 6.69 9 95203

H 3-3* 3.6 0.6 1 3.6 6 76795

1
A-B 6.46 0.77 1.17 7.56 10 96738

F-G 6.61 0.84 1.24 8.2 11 95370

2
B-D 9.7 0.86 1.26 12.22 17 92018

D-F 9.58 0.84 1.24 11.88 16 95027

3
A-G 24.73 0.8 1.2 29.68 43 88335

G-H 1.59 0.6 1 1.59 3 67835

3* G-H 2.65 0.6 1 2.65 4 84794

4

A-D 16.16 0.8 1.2 19.39 24 103417

D-E 6.43 0.84 1.24 7.97 10 102050

E-G 9.76 0.8 1.2 11.71 16 93689

0 B-C 3.04 0.6 1 3.04 5 77819
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For instance, 33 joints between axis 1 and axis 4 were selected on axis A, as

indicated in Figure 4.4. Footing width is equal to 1.20 m obtained from the summation

of the bearing wall width (0.80 m) and the total extension on both side (0.40 m).

The mesh size of each shell element in longitudinal direction is 0.577 m. Each joint

represents an area of 1.20 x 0.577. Therefore,

kspring = 128000 × 1.20 × 0.577

= 88569.82 kN/m

In the same way, each soil spring constant was calculated, as indicated in Table 4.4.

4.3. Model updating

It is acknowledged that material properties and soil flexibility may demonstrate

significant variations for the URM structures. This will influence the dynamic be-

haviour of the structures and eventually their seismic performance. Therefore, uncer-

tain parameters affecting the model behaviour such as Elasticity Modulus (E) and the

coefficient of soil reaction (ks) are identified by model updating approach in order to

minimize the difference between theoretical and experimental modal behaviour. It has

been noticed that Bowles (1996) proposes a range of 64000 and 128000 for ks instead

of a specified ks value, and there are several assumptions made in the literature (see

Section 2.6) to determine the value of Elasticity Modulus. So as to reduce the complex-

ity in defining possible E and ks values, both parameters of the model were iteratively

modified until an agreement between the results of Finite Element Analysis (FEA) and

Operational Modal Analysis (OMA) was provided. Hence, the interaction between E

and ks parameters on the modal period and frequency was investigated by a set of

FEA.
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4.3.1. First phase of model updating

In first phase of model updating, it is aimed at obtaining a range which provides

upper and lower bounds for the values of E and ks parameters. When ks value is fixed

and adopted as a maximum of 128000 kN/m3, corresponding E will be the lowest value,

which leads the dynamic characteristics obtained from FEA to reach those obtained

from OMA. Contrary to this, when ks value is fixed and adopted as a minimum of

64000 kN/m3, corresponding E will be the highest value, which leads the dynamic

characteristics obtained from FEA to reach those obtained from OMA.

The FEA was initially performed by taking ks as 128000 kN/m3 and E as 1130

MPa proposed by TSC 2007. As a result, frequency values corresponding to Mode

1 (bending), Mode 2 (bending) and Mode 3 (torsional) were obtained as 4.06, 4.35

and 5.09. Since the results of OMA could not be attained, the model updating was

continued until a negligible difference between OMA and FEA was obtained.

Table 4.5. Modal parameters from system identification.

MODE PERIOD (sec) FREQUENCY (Hz)

Mode 1 (X) 0.185 5.4

Mode 2 (Y) 0.167 6

Mode 3 (T) 0.155 6.45

The modal parameters from system identification acknowledged as the reference

in this study are presented in Table 4.5 and the change of modal parameters corre-

sponding to increasing E is shown in Table 4.6.
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Table 4.6. Modal parameters corresponding to increasing for fixed ks = 128000

kN/m3.

ks

(kN/m3)

E

(MPa)

Mode 1

in X

Mode 2

in Y

Mode 3

in RZ

T (sec) f (Hz) T (sec) f (Hz) T (sec) f (Hz)

128000

1130 0.246 4.06 0.23 4.35 0.197 5.09

1400 0.224 4.47 0.21 4.76 0.179 5.59

1600 0.211 4.74 0.199 5.03 0.169 5.93

1800 0.2 4.99 0.19 5.25 0.16 6.23

1900 0.196 5.11 0.186 5.36 0.157 6.38

2000 0.191 5.23 0.183 5.47 0.153 6.52

2100 0.187 5.34 0.179 5.57 0.15 6.65

2150 0.185 5.4 0.178 5.62 0.149 6.72

Figure 4.5. The change of modal parameters corresponding to increasing E for fixed

ks = 128000 kN/m3. Period values corresponding to E values proposed in the codes

are indicated.
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The difference between FEA and OMA was minimized, when E reached a value

of 2150 MPa that represents the lower bond for possible E values.

Secondly, model updating was performed, starting from the lower bond where E

is equal to 2150 MPa. Since the lowest ks with a value of 64000 kN/m3 was fixed, the

upper bond was obtained for possible E values. The results of this updating procedure

are summarized in Table 4.7.

Table 4.7. Modal parameters corresponding to increasing E for fixed ks= 64000

kN/m3.

ks

(kN/m3)

E

(MPa)

Mode 1

in X

Mode 2

in Y

Mode 3

in RZ

T (sec) f (Hz) T (sec) f (Hz) T (sec) f (Hz)

64000

2150 0.199 5.03 0.195 5.14 0.159 6.29

2200 0.197 5.07 0.193 5.19 0.158 6.34

2250 0.196 5.1 0.191 5.23 0.156 6.4

2300 0.195 5.14 0.189 5.28 0.155 6.45

2350 0.193 5.17 0.188 5.32 0.154 6.5

2400 0.192 5.2 0.186 5.37 0.153 6.55

2450 0.191 5.23 0.185 5.41 0.152 6.6

2500 0.19 5.27 0.183 5.45 0.15 6.65

2550 0.189 5.3 0.182 5.49 0.149 6.7

2600 0.188 5.33 0.181 5.53 0.148 6.74

2650 0.187 5.36 0.179 5.57 0.147 6.79

2700 0.186 5.38 0.178 5.61 0.146 6.83

2750 0.185 5.41 0.177 5.65 0.145 6.88
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Figure 4.6. The change of modal parameters corresponding to increasing E for fixed

ks = 64000 kN/m3. Period values corresponding to E values proposed in the codes

are indicated.

The difference between FEA and OMA was minimized, when E reached a value

of 2750 MPa that represents the upper bond for possible E values. Finally, a range

was calculated to provide upper and lower bonds for a pair of E and ks .

Table 4.8. Upper and lower bounds for both E and ks.

Elasticity

Modulus
MPa kN/m3

Soil Interaction

Coefficient

E (max) 2750 64000 ks(min)

E (min) 2150 128000 ks(max)
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4.3.2. Second phase of model updating

In the second phase, the FEM updating is carried out with respect to simultaneous

alteration of both E and ks parameters in contrast to first phase. Here, it is aimed

at generating a curve that will show the decrease in the values of E corresponding

to the increase in the values of ks. Each pair of E and ks on the curve will lead

the dynamic parameters obtained from the FEA to coincide with those obtained from

system identification.

Figure 4.7. The interaction curve of E and ks.

In consequence of the final model updating, the interaction curve of E and ks

was generated, as shown in Figure 4.7. Each intersection point on the curve can be

adopted for correlation with identification based results. The striking point is that for

a decrease of 50 MPa in E, the declination of the curve is steep between ks values 64000

kN/m3 and 84000 kN/m3 , but it begins to flatten at the breakpoint where ks and E

are equal to 84000 kN/m3 and 2350 MPa, respectively. Following this, the curve is

approaching to be linearized. Thus, it can be concluded that the breakpoint represents
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average behaviour of the interaction curve. Consequently, the value of E was adopted

as 2350 MPa corresponding to ks with a value of 84000 kN/m3 in order to be in more

conservative side, instead of taking the values of upper and lower bounds.

4.4. Mesh size comparison

Mesh size selection is a significant parameter that influences the accuracy of the

FEM and the duration of obtaining results from analysis. Refining the FEM from

coarse to fine mesh size increases the number of frame, shell and solid elements used,

and thus more nodes occur to be analysed. This accordingly may result in a time-

consuming application if the mesh size is selected, being finer than what it is required

to be. For the case study building, by considering the dimensions of openings and 60

cm intervals between floor beams, the bearing walls and slabs were firstly meshed into

areas of 60 x 60 cm.

Table 4.9. The effect of mesh size on the modal parameters.

Mesh Size

(cm x cm)

Mode 1

(Bending)

in Direction X

Mode 2

(Bending)

in Direction Y

Mode 3

(Torsional)

in Direction RZ

T (sec) f (Hz) T (sec) f (Hz) T (sec) f (Hz)

60 x 60 0.18 5.55 0.175 5.7 0.145 6.89

30 x 30 0.185 5.4 0.179 5.59 0.149 6.71

20 x 20 0.185 5.39 0.18 5.55 0.15 6.66

15 x 15 0.186 5.38 0.181 5.53 0.151 6.64

As a mesh size of 60 x 60 is getting finer, the distribution of masses improves

and thus period values also increase, as seen in Table 4.9. The modal period starts to

firstly converge at 0.185 (sec) for the selected mesh size of 30 x 30. When a mesh size

of 20 x 20 compared to a mesh size of 30 x 30, the major difference is that elapsed time

for modal analysis becomes four times longer.
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Therefore, the 3D FEM was modified with a mesh size of 30 x 30 and eventually

a relatively large number of finite elements were used in the model. The distribution

of masses and stresses was developed.

4.5. Modal analysis

When the initial 3D FEM was modified, based on identified parameters and the

selected mesh size of 30 x 30, the mode shapes were obtained from the modal analysis,

as shown in Figure 4.8, Figure 4.9 and Figure 4.10.

Figure 4.8. The illustration of Mode 1 (bending): T=0.185 sec; f=5.40 (Hz).
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Figure 4.9. The illustration of Mode 2 (bending): T=0.179 sec; f=5.58 (Hz).

Figure 4.10. The illustration of Mode 3 (torsional): T=0.148 sec; f=6.7 (Hz).
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5. PERFORMANCE ASSESSMENT BY LINEAR

ANALYSIS

In this section, the seismic performance assessment of the building will be carried

out by means of linear dynamic Response Spectrum Analysis (RSA). This assessment

is a quantitative procedure, which determines whether an existing structure is capable

of withstanding the design seismic combination safely. This section will include the

evaluation of relative storey displacements, drift ratios corresponding the limit states

described in the literature, and the comparison of shear and principal stresses with

their threshold values.

5.1. Response spectrum analysis

The response spectrum was generated according to DLH 2008, which is seismic

regulations for coastal and harbor constructions, railways, and airport constructions in

Turkey. In order to obtain the design response spectrum, it is required to determine

appropriate parameters for soil class, earthquake level and location of the building.

Initially, D2 earthquake level was taken into consideration, which represents

earthquakes with strong ground motions having infrequent occurrence probability dur-

ing the lifetime of structures. Besides, this earthquake level holds 10 % exceedance

probability in 50 years with a return period of 475 years. According to Annex B.2

indicating soil classes in DLH 2008, soil class C is identified for soil group consisting of

very stiff sand and soft rocks with 360 (m/ sec) ≤ Vs ≤ 760 (m/sec).

Spectral acceleration values SS and S1 corresponding natural vibration periods

0.2 and 1.0 seconds, respectively, are given in the Annex A for soil class B as a reference.

For other soil classes, spectral acceleration values SMS and SM1 corresponding the same

natural vibration periods are calculated by using Equation 5.1 and 5.2 given below. Fa
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and FV parameters can be selected from Table 5.2 and Table 5.3, respectively.

SMS = Fa × SS (5.1)

SM1 = FV × S1 (5.2)

The coordinates of the historical building under consideration are required to determine

spectral acceleration values. By means of Google maps, the coordinates were obtained

as 410 N and 290 E. Figure 5.1 gives an information about the location and coordinated

of the building.

Figure 5.1. The location and coordinates of building on Google map.

Table 5.1. Spectral acceleration values for each exceedance probability from Annex A

[31].

Coordinate
SS

(T = 0.2)

S1

(T = 1)

Longitude Latitude

Exceedance

probability

Exceedance

probability

50% 10% 2% 50% 10% 2%

290 E 410 N 0.62 1.19 1.8 0.23 0.58 1.02
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For exceedance probability 10 %, spectral acceleration values SS and S1 were

taken as 1.19 and 0.58, respectively, which belong to Soil class B.

Table 5.2. Fa values for soil classes.

Soil

Class

Soil coefficient “Fa”

SS ≤ 0.25 SS = 0.50 SS = 0.75 SS = 1.0 SS ≥ 1.25

A 0.8 0.8 0.8 0.8 0.8

B 1 1 1 1 1

C 1.2 1.2 1.1 1 1

D 1.6 1.4 1.2 1.1 1

E 2.5 1.7 1.2 0.9 0.9

F -b -b -b -b -b

*Linear interpolation will be applied for interval values.

** Specific geotechnical analysis to the site will be carried out.

Table 5.3. FV values for soil classes.

Soil

Class

Soil coefficient “FV ”

S1 ≤ 0.10 S1 = 0.20 S1 = 0.30 S1 = 0.40 S1 ≥ 0.50

A 0.8 0.8 0.8 0.8 0.8

B 1 1 1 1 1

C 1.7 1.6 1.5 1.4 1.3

D 2.4 2 1.8 1.6 1.5

E 3.5 3.2 2.8 2.4 2.4

F -b -b -b -b -b

*Linear interpolation will be applied for interval values.

** Specific geotechnical analysis to the site will be carried out.

Spectral acceleration values taken from Annex A were converted to SMS and SM1

by using soil coefficient parameters Fa and FV . Design spectrum of the building were
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generated using the equations presented below.

Sae(T ) = 0.4SMS + 0.6
SMS

T0
T (T0 ≤ T ) (5.3)

Sae(T ) = SMS (T0 ≤ T ≤ TS) (5.4)

Sae(T ) =
SM1

T
(TS ≤ TL) (5.5)

Sae(T ) =
SM1TL
T 2

(TL ≤ T ) (5.6)

Period values T0 and TS forming the corner points of response spectrum are defined

as follows:

TS =
SM1

SMS

(5.7)

T0 = 0.2TS (5.8)

Figure 5.2. The schema of Design spectrum [31].
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Figure 5.3. Design spectrum of the building according to DLH 2008.

Linear response spectrum analysis was conducted by SAP 2000 software program.

Square Root of Sum of Squares (SRSS) was adopted as a modal combination method,

which allows the multiple modes of response of a building to be considered. There-

fore, an approximation of the total response of the structure is provided by combining

responses obtained from the design spectrum for each mode. Earthquake forces were

induced in x and y directions, as explained in Eurocode 8.1 below.

Ex = Ex + 0.3Ey (5.9)

Ey = Ey + 0.3Ex (5.10)

As well as earthquake forces, various load cases were defined in SAP 2000, which are

W representing the total weight due to self-weight and live load acting on the slabs,

and DEAD representing only self- weight of the structure. As a result, dead and live

loads were combined with earthquake forces to determine base reactions in x, y and

z directions. Finally base reaction results obtained from SAP 2000 were presented in

Table 5.4.
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Table 5.4. Base reaction values for different load cases.

BASE REACTIONS

Load Case Type
Global

FX (kN)

Global

FY (kN)

Global

FZ (kN)

DEAD Lin. Static 0 0 31080.5

W=G+0.3Q Lin. Static 0 0 32471.5

R. Spectrum

in X
Lin. Resp. Spec. 23088.7 10140.2 1026.08

R. Spectrum

in Y
Lin. Resp. Spec. 10059.8 23475.8 1216.62

G+0.3Q+Ex Combination 23088.7 10140.2 33497.6

G+0.3Q+Ey Combination 10059.8 23475.8 33688.1

5.2. Drift ratios and displacements of the facades

For the evaluation of the damage states of the structure under a given earthquake

demand, it is aimed at obtaining drift ratios and displacements of the facades, since

most of researchers in the literature has proposed that structural damages can be

directly associated with inter storey drifts. Therefore, this approach was adopted to

identify the seismic vulnerability of the building.

After post-earthquake surveys, it has been observed that the facade walls are

more brittle than interior walls. Besides, more stress concentration is expected to

occur on facade regions due to discontinuities based on available openings. This makes

facade walls more prone to be damaged, compared to interior walls.

5.2.1. Front facade

When the building was subjected to Earthquake force Ey, the displacement (Uy)

contours occurred on the front facade, as indicated in Figure 5.4.
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Figure 5.4. Displacement (Uy) contours on the front facade subjected to Earthquake

force ”Ey”.

It can be interpreted from the displacement contours seen in Figure 5.4 that slabs

at storey levels demonstrate almost rigid diaphragm behaviour, since the displacement

values on the same vertical plane are very close to each other in the direction of earth-

quake force induced. Table 5.5 presents calculated drift ratios and inter-storey drifts.

Table 5.5. Displacements and drift ratios at storey levels due to Earthquake Force

”Ey”.

Storey Level
δx

(m)

δz

(m)

δy

(m)

∆δy

(m)

Storey height

(m)

Drift

Ratio %

Roof 0.0068 0.0052 0.012 0.0032 4.45 0.072

First Floor 0.0055 0.0051 0.0088 0.0054 4.85 0.111

Ground Floor 0.0019 0.0045 0.0034 0.0035 3.45 0.101



64

Figure 5.5. Displacements at the storey levels on the front facade.

5.2.2. Rear facade

When the building was subjected to Earthquake force Ey, the displacement (Uy)

contours occurred on the rear facade, as indicated in Figure 5.6.

Figure 5.6. Displacement (Uy) contours on the rear facade subjected to Earthquake

force ”Ey”.
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It is seen that displacement values on the same horizontal plane are very close

to each other in the direction of earthquake force induced, and a proper displacement

distribution occurred throughout the wall. Despite the same geometric contour with

the front facade, Uy and Ux displacement values on the rear facade are less compared

to other. This is because the rear facade has more stiffness due to less total area of

window and door openings.

Table 5.6. Displacements and drift ratios at storey levels due to Earthquake Force

“Ey”.

Storey Level
δx

(m)

δz

(m)

δy

(m)

∆δy

(m)

Storey height

(m)

Drift

Ratio %

Roof 0.0058 0.0037 0.0097 0.0029 4.45 0.065

First Floor 0.0047 0.0036 0.0068 0.0044 4.85 0.091

Ground Floor 0.0015 0.003 0.0024 0.0024 3.45 0.070

Figure 5.7. Displacements at the storey levels on the rear facade.
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5.2.3. Left facade

When the building was subjected to Earthquake force Ex, the displacement (Ux)

contours occurred on the left facade, as indicated in Figure 5.8.

Figure 5.8. Displacement (Ux) contours on the left facade due to Earthquake force

”Ex”.

It is also observed that displacement values on the same horizontal plane are

very close to each other in the direction of earthquake force induced, and a proper

displacement distribution occurred throughout the wall.

Table 5.7. Displacements and drift ratios on Axis A at storey levels due to

Earthquake Force “Ex”.

Storey Level
δy

(m)

δz

(m)

δx

(m)

∆δx

(m)

Storey height

(m)

Drift

Ratio %

Roof 0.0056 0.004 0.0095 0.003 4.45 0.066

First Floor 0.004 0.004 0.007 0.0046 4.85 0.094

Ground Floor 0.001 0.003 0.002 0.002 3.45 0.058
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Figure 5.9. Displacements at the storey levels of the left facade on Axis A.

When Uy displacements are examined on the left facade, it is noticed that those

values on the same vertical level increase as approaching to Axis G in Figure 5.10.

Figure 5.10. Displacement (Uy) contours on the left facade due to Earthquake force

”Ex”.
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From the far-left edge of the facade up to Axis E, overall distribution of displace-

ments occurred throughout the wall. Despite dominant earthquake force induced in

x direction, displacement values in y direction represented by U2 coincided with dis-

placement values in x direction represented by U1, as indicated between Axis E and

Axis G on the top level in Figure 5.10.

Table 5.8. Displacements and drift ratios on Axis G at storey levels due to

Earthquake Force “Ex”.

Storey Level
δy

(m)

δz

(m)

δx

(m)

∆δx

(m)

Storey height

(m)

Drift

Ratio %

Roof 0.0091 0.0046 0.0093 0.0032 4.45 0.072

First Floor 0.0068 0.004 0.0061 0.0035 4.85 0.072

Ground Floor 0.0029 0.004 0.0026 0.0026 3.45 0.075

Figure 5.11. Displacements at the storey levels of the left facade on Axis G.

In contrast to displacements on Axis A of the left facade, Uy displacement values

exceeded Ux displacements at ground and first storey levels with 0.0029 m and 0.0068

m, respectively. Slabs on ground and first floor extend along the left facade wall,



69

except a division between Axis F and Axis G. This discontinuity of slabs may cause

the building not to sufficiently withstand unfavourable impulse by a Ey component of

the dynamic earthquake force induced. Since staircase void takes place behind the left

facade wall between Axis F and Axis G, and this occasion accordingly yields loose in

the stiffness, it could be a reason why Uy and Ux displacement values are close to each

other under the dominant earthquake force Ex, as seen in Figure 5.11.

5.2.4. Right facade

When examining the displacement counters of the entire structure, it is observed

that the largest displacements values up to 15.4 mm occurred at the top floor of right

facade. Due to the geometry of u-shaped building, the slab discontinuity with an area

of 79 square meters between Axis F and Axis B causes a remarkable degradation in

stiffness. Therefore, the facade wall on longitudinal Axis 1 particularly tends to show

more displacement in x direction.

Figure 5.12. Displacement Ux contours on the right facade due to Earthquake force

”Ex”.
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Table 5.9. Displacements and drift ratios on Axis G of the right facade at storey

levels due to Earthquake Force “Ex”.

Storey Level
δy

(m)

δz

(m)

δx

(m)

∆δx

(m)

Storey height

(m)

Drift

Ratio %

Roof 0.009 0.0022 0.0154 0.0029 4.45 0.065

First Floor 0.0066 0.0022 0.0125 0.0083 4.85 0.171

Ground Floor 0.0025 0.0019 0.0042 0.0042 3.45 0.122

Figure 5.13. Displacements at the storey levels of the right facade.

Almost same displacement values in x direction occurred on the both ends of the

right facade, since the building has a symmetric geometry. When compared to the left

facade, any floor opening or staircase void behind the wall does not exist, thus conti-

nuity is provided and anticipated large difference between Ux and Uy displacements

developed in dominant earthquake direction x, as seen in Figure 5.13.
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5.3. Limit states of URM walls

Damage states of URM buildings should be predicted for performance assessment.

The post-earthquake damage states of masonry structures may be categorized into three

major structural performance levels named Immediate Occupancy (IO), Life Safety

(LS) and Collapse Prevention (CP), explained as follows [25].

5.3.1. Immediate Occupancy (IO)

Structural Performance Level, Immediate Occupancy, is described as the post-

earthquake damage state where only minor structural damage has occurred with no

significant degradation in lateral resistance and strength. Therefore, force-resisting sys-

tems of the building maintain nearly all of their pre-earthquake strength and stiffness.

In this damage state, some localized yielding and limited rupture of connections can

be observed on the structures. The risk of life-threatening injury based on structural

damage is very low and some minor structural maintenance can be needed.

5.3.2. Life Safety (LS)

Structural Performance, Life Safety, is described as the post-earthquake damage

state where significant damage to the structure has occurred. However, the structure

sustains stability and reserve capacity against either limited or total structural collapse.

Some structural elements and components are severely damaged, but this has not

resulted in large falling debris hazards, either within or outside the building [25]. Even

though, injuries may occur during the earthquake, the total risk of life-threatening

injury based on structural damage is anticipated to be low. If an immediate collapse

risk is not expected for the damaged structure, it would be judicious to implement

structural maintenances or assemble temporary bracing prior to reoccupancy.
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5.3.3. Collapse Prevention (CP)

Structural Performance Level S-5, Collapse Prevention, is described as the post-

earthquake damage state where the structure is on the threshold of experiencing either

local or total collapse. Significant damage to the structure has occurred. Due to

substantial degradation in strength and stiffness of lateral-resisting system, the struc-

ture does not maintain a residual capacity against collapse in accordance with criteria

defined in this standard for Structural Performance Level. However, all significant

components of the gravity load-resisting system must continue to carry their gravity

load demands [25]. Falling hazards from structural debris may cause the significant

risk of injury. Due to severely damage occurring, retrofitting or structural maintenance

are not recommended. Since aftershock activity may lead the structure to collapse, the

structure is not safe for reoccupancy.

5.4. Performance assessment in terms of drift ratios

In the researches, which aim at defining deformation capacity of URM walls,

limit states simultaneously have been investigated, corresponding to the attainment

of the global displacement capacity of the structures on the lateral force- drift curve.

In order to define limit states of masonry structures, extensive tests programs have

been performed, such as standard material tests, shaking table tests and quasi-static

cycling tests on masonry walls subjected to horizontal and axial loads. In terms of

inter-storey drifts, limit states are identified which refers to the first occurrence of local

failure of portions of walls such as rocking in flexural, diagonal cracking and sliding in

shear. According to some researches, proposed performance limit states corresponding

to local failure modes in terms of inter-storey drift ratios are summarized in Table 5.10.
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Table 5.10. Performance levels in terms of drift ratios based on local failure modes

[32].

Author Failure Mode
Performance Level %

IO LS CP

FEMA 356 (2000)

Rocking

0.1 0.3 heff/L 0.4 heff/L

Franklin et al. (2001) 0.1 0.9-1.5 1.2-1.9

Bosiljkov et al. (2008) 0.1 1.2-1.8 1.8-2.5

FEMA 356 (2000)
Sliding

0.1 0.3 0.4

Bosiljkov et al. (2008) - 0.9 1.8

Alcocer et al. (2004)
Diagonal Tension

0.15 0.25 0.4

Bosiljkov et al. (2008 0.2-0.5 0.5-0.7 0.5-0.9

Additional studies were also performed to define limit states on the capacity curve

obtained from lateral force vs drift ratio. Crack widths, the degradation of maximum

resistance, and resulting drift values under loading were used in the definition of limit

states, and proposed limit states in terms of drift ratios are summarized in Table 5.11.

Table 5.11. Performance levels in terms of drift ratios [32].

Author
Performance Level %

IO LS CP

FEMA 356 (2000) 0.3 0.6 1.0

Tomazevic (2007) 0.2-0.4 0.3-0.6 1.0-2.0

Calvi (1999) 0.1 0.3 0.5

Erbay (2007) 0.1 0.6 1

The drift ratios of the facade walls obtained from linear dynamic RSA were

presented in Table 5.12 for comparison with the performance levels shown in both

Table 5.10 and Table 5.11.
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Table 5.12. Drift ratios of the facade walls obtained from the linear analysis.

Storey Level

Front Facade

Drift Ratio

%

Rear Facade

Drift Ratio

%

Left Facade

Drift Ratio

%

Right Facade

Drift Ratio

%

Roof 0.072 0.065 0.066 0.065

First Floor 0.111 0.091 0.094 0.171

Ground Floor 0.101 0.07 0.058 0.122

Generally, the measured drift ratios of the facade walls are in the rage of 0.09

% and 0.17 %. Since these drift ratio values do not exceed a limit value of 0.3 %

representing Life Safety performance level, the building has attained the performance

level of Immediate Occupancy.

Consequently, when compared to the drift ratio values of the facade walls to

those limit values corresponding to the performance levels based on local failure nodes

in Table 5.10, It can be interpreted that the performance level of the building under

investigation meets Immediate Occupancy, since a maximum value of 0.171 % measured

in the right facade wall is in the range of 0.15 % and 0.25 % corresponding to Diagonal

tension failure, 0.1 % and 0.3 % corresponding to sliding failure, and 0.1 % and 0.9 %

corresponding to rocking failure.

5.5. Performance assessment in terms of principal and shear stresses

It has been discussed that the types of stress are directly associated with possible

local failure modes which control in-plane strength capacity of the URM walls. There-

fore, the stress distribution can be evaluated to detect possible regions on the facade,

which are prone to be damaged. As a result of linear dynamic RSA, the earthquake

demand was obtained in terms of principal, compressive and shear stresses. The stress

distributions obtained are presented in Figure 5.14.
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Figure 5.14. Principal, compressive and shear stress distributions on the front facade.

Principal stress concentration is mostly observed in the areas close to the open-

ings. Due to discontinuities, these areas are more prone to bear massive cracking. It

is seen that the average values of principal stresses around openings are 0.3 MPa that

exceeds a threshold value of 0.15 MPa. If principal stresses emerging due to dynamic

excitation exceed the tensile strength of walls or piers, diagonal cracks develop and

diagonal tension failure mode occurs. Therefore, diagonal cracks around openings are

anticipated. It is seen as one of the unwelcome failure modes.

When compressive stress distribution is examined, it is obvious that higher values

of compressive stresses are observed at level of the vertical elements on the basement

facade. However, the maximum stress corresponds to 30 % of the compressive strength

value.

Shear strength with a value of 0.2 MPa were almost attained at the level of first

floors but exceeded at the levels of ground and basement floors. The analysis of the

shear stress distribution demonstrates that concentration spreads between adjacent

openings in both vertical and horizontal plane. Exceedance of the threshold value can

be detected in the areas more than half of the facade. The results obtained showed

that the first damage by shear in the facade elements should occur at lower levels of

seismic intensity.
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6. EQUIVALENT FRAME MODELLING TECHNIQUE

EFM is a simplified method, which enables simulating in-plane behaviour of struc-

tural masonry walls and carrying out non-linear analysis for performance assessment of

URM structures by means of their identification with a frame. Besides, the considera-

tion of homogeneous and isotropic material idealization, and less necessity in amount of

data and experimental study to determine mechanical material properties make EFM

more practical. However, when taking FEM, one of the most used methods, into con-

sideration, it was mentioned that FEM has been utilized as a very powerful analysis

tool for the assessment of URM, but also suffered from high computational effort [33].

In Chapter 4, it was observed that results obtained by using FEM could be very de-

pendent on the proper selection of mesh size, and an accurate calibration of the input

parameters may be required by applying the procedure of finite elements model updat-

ing. Whereas, meshing or model updating has not been literally performed to build up

a numerical model by means of EFM, since that is based on macro-elements discretiza-

tion of URM walls (each macro-element represents an actual size of wall portions). In

this method, each bearing wall is basically subdivided into a group of masonry panels

where the deformation and non-linear response are concentrated, and rigid portions

which connect these deformable panels [11]. Herein, a general concern is focused on

the global response of masonry structures, in presence of proper connection between

masonry panels that prevent the occurrence of local collapse mechanisms based on

out-of-plane response of walls.

6.1. Validation of EFM accuracy

There have been numerous studies performed in literature. Particularly, exper-

imental studies based on full-scale building prototypes can be accepted as the most

useful ones in order to make available information related to EFM modelling perfor-

mance. The detailed research including quasi-static cyclic tests conducted by Magenes

and Calvi at University of Pavia on two-storey building prototype is a crucial refer-

ence to verify the modelling accuracy of EFM by providing comprehensive data used
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on the test setting for other interested researchers. Numerical results obtained from

EFM simulations, in terms of seismic capacity and failure mechanisms, have confirmed

a good agreement with the experimental results [5]. Another remarkable research re-

garding seismic performance of existing masonry buildings is Catania Project, which

is accepted as an extensive nationwide research project in Italia. This project was

investigated by a number of Italian universities, establishing numerical modelling of

structural response with different approaches. The research team of Pavia University

and Pasticier et al. (2008) carried out the seismic assessment based on EFM, using Sam

Code and SAP 2000 (v.10) code, respectively. However, the research team of Genoa

University conducted analyses based upon a finite elements model with layer failures

while Basilicata research group utilized a macro model with crushing and shear failures

[34]. The outcomes obtained from all research studies above were discussed by Pasticier

et al. (2008), plotting base shear vs top displacement values. It was concluded that

top displacement values obtained from EFM and FEM exhibited a good agreement,

and also a remarkable correlation between the results obtained from Sam Code and

SAP 2000 was provided for the location of storey mechanisms and local failure nodes

occurred [9].

Consequently, a great number of studies carried out by applying EFM in the

assessment and structural modelling of URM has verified its concordance with the

analysis procedures recommended by the most advanced codes such as FEMA 440,

Italian Building Code 2008, NZSEE 2015 and EN 1998-1. High computational efficiency

and accuracy of EFM has made it one of the most popular tools for the analysis of

structural masonry [4].

6.2. Discretization of Masonry Walls in Equivalent Frame

EFM in principle proposes the discretization of bearing masonry walls into finite

structural macro-elements. The first step begins with the identification of main struc-

tural components consisting of piers and spandrels. Piers, which are vertical resisting

elements bearing both gravitational and lateral loads, are identified by the extension

of the vertical edges of the openings.
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Spandrels, secondary horizontal elements, are located between two vertically

aligned walls whose function is to connect adjacent piers to each other and transfer

lateral and floor loads to piers. Finally, node panels are intended for the intersection

of spandrels and piers, and modelled as fully rigid.

Figure 6.1. Schematization of equivalent frame idealization in case of regularly

distributed openings [11].

Figure depicts how to identify panels composing an equivalent frame model step

by step. The frame schematization of EFM proposed in literature takes inspiration

from the damages observed after seismic events and experimental campaigns. Post-

earthquake surveys have confirmed that the wall deformation concentrates in piers and

spandrels. Therefore, these elements are recognised as deformable regions in equivalent

frame modelling, whereas the node panels are only parts not affected by damages due

to fully rigid assumption.

As previously mentioned, the definition of spandrel elements is based on vertical

alignment and overlap of openings. In case of adjacent openings having same length

in vertical arrangement, the length and height of spandrels are assumed to be equal to

the span distance and the wall width between adjacent openings, respectively.
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The criteria used in determining the height of masonry piers is associated with

adjacent openings in general. According to a widely accepted criterion proposed by

Dolce, M. (1991), It is assumed that cracks occur at the corner of openings with

a 300 inclination, intersecting with the centre line of external piers represented by

frame elements in modelling, as indicated in Figure 6.2. Consequently, this hypothesis

provides an increased height for the external piers. This resulting height can be assumed

to be equal to the height of adjacent opening or the average of the inter storey height

and the opening height as shown in the step 2 of Figure 6.1 [11]. In case of perfectly

aligned adjacent openings with a same height, internal piers located between them have

an equal height. The geometry of the rigid nodes is defined on basis of where spandrels

and piers overlap.

Figure 6.2. Effective height definition [3].

Dolce (1991) developed a criterion for the definition of effective heights. The

criterion considers the equivalent stiffness of each pier, the mutual interaction with the

surrounding spandrels and the coupling effect between spandrel and peers by assigning

rigid end offsets. Equation 6.1 was proposed by Dolce (1991) to calculate the effective

heights of piers.

heff = h′ +
D(H − h′)

3h′
(6.1)
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where D is the pier width, H is the pier height and h′ is calculated, depending on the

geometry and arrangement of openings as seen in Figure 6.2.

6.3. Equivalent Frame Model of the front facade

In order to generate the 2D EF model of the front facade, the criterion proposed

by Dolce (1991) was adopted. Discretization of masonry walls was carried out in accor-

dance with the schematization of equivalent frames depicted in Figure 6.1. Identified

parameters obtained from model updating in Chapter 4 were used in modelling. Soil

flexibility was also considered with the assignment of soil springs to the stone strip

foundation of the building. With the assumption of the bearing walls properly con-

nected to the floor, in-plane behaviour was only considered in analyses to accurately

simulate the global response of the structure.

According to EN 1998.1, storey masses were obtained from the combination of

total dead loads and 30% of live loads acting on the slabs, and calculated as 98.5

ton, 98.5 ton and 50.95 ton for ground, first and roof floors, respectively. The storey

masses were lumped at their corresponding mass centers in lateral direction, and rigid

diaphragm was assigned at each storey level.

Figure 6.3. Labels of the piers and rigid offset lengths on the EFM.
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Figure 6.4. Illustration of the EFM with rigid offsets on the front facade.

Eventually, the EFM of the front facade was established, as shown in Figure 6.4

where the facade was discretized into piers in grey, spandrel in red and rigid nodes in

black.
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7. PERFORMANCE ASSESSMENT BY NON-LINEAR

ANALYSES

This section includes the seismic performance assessment of the front facade which

was modelled by using EFM technique. The non-linear behaviour of masonry was

defined by means of lumped plastic hinges governed by in-plane failure mechanisms, and

two nonlinear analysis methods were utilized for seismic evaluation. Pushover analysis

was adopted as an incremental static nonlinear method where both mass proportional

and mode proportional load cases were applied in analyses. As a non-linear dynamic

method, a set of Non-Linear Time History (NLTH) analyses was used to perform series

of simulations and incremental dynamic pushover curves were generated. Consequently,

the seismic fragility curve was derived to achieve vulnerability assessment.

7.1. Determination of In-Plane capacities of the URM walls

The in-plane capacity of structural masonry determines the occurrence of non-

linear behaviour and the attainment of limit states. It was mentioned that the major

failure modes that govern the global seismic response of in-plane walls to the seismic

excitation can be classified into 4 groups namely rocking, diagonal shear cracking,

sliding shear and toe crushing in Chapter 2. The Equations (see Chapter 2) used to

calculate in-plane capacities of URM walls were listed below.

• Equation (2.2) according to Italian code (2003) for diagonal tensile capacity.

• Equation (2.4) according to NZSEE (2015) for rocking capacity.

• Equation (2.9) according to Italian code (2003) for sliding shear capacity.

• Equation (2.11) according to Eurocode 8.3 for shear capacity.

• Equation (2.12) according to NZSEE (2015) for toe crushing capacity.

The modal analysis was conducted, and required variables in the equations were

obtained from the results of modal analysis under gravity loads.
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Table 7.1. Geometrical properties of the piers and main variables in the capacity

equations.

PIER H (mm) Heff (mm) D (mm) t (mm) ξ σ0 (MPa)

Pier B6 3975 2685 1650 880 1.5 0.185

Pier B5 3975 2523 2800 880 1.42 0.225

Pier B3 3700 2300 4680 700 1 0.218

Pier B2 3700 2560 2920 700 1.27 0.245

Pier B1 3700 2400 1170 700 1.5 0.2

Pier G6 4355 3115 1650 690 1.5 0.1

Pier G5 4355 2955 2800 690 1.5 0.145

Pier G3 4630 2990 4680 690 1 0.142

Pier G2 4630 2700 2920 690 1.5 0.144

Pier G1 4630 3380 1170 690 1.5 0.13

Pier 1-6 3880 3160 1650 650 1.5 0.03

Pier 1-5 3880 2220 2800 650 1.39 0.05

Pier 1-4 3880 2220 5280 540 1 0.045

Pier 1-2 3880 2220 2920 540 1.33 0.05

Pier 1-1 3880 2900 1170 540 1.5 0.03

In Table 7.1, σ0 is the mean vertical stress due to gravity loads and obtained from

SAP 2000, and ξ is the coefficient dependent on pier aspect ratio (see Equation 2.2).

In plane capacities of URM walls were presented in Table 7.2. The lowest capacity

values for all piers were obtained from Equation 2.9 which corresponds to sliding shear

according to Italian code. Therefore, the non-linear behaviour of piers will be controlled

by sliding shear failure mode.
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Table 7.2. In-plane capacities of URM walls.

PIER

Sliding

Shear

Vs
u(kN)

Rocking

Capacity

Vr (kN)

Toe

Crushing

Vtc kN

Diagonal

Cracking

Vf
u(kN)

Shear

Capacity

Vf (kN)

Pier B6 77.95 147.08 166.54 369.24 381.48

Pier B5 249.81 623.34 689.92 688.81 718.05

Pier B3 478.46 1527.81 1690.47 1291.43 959.35

Pier B2 226.67 579.12 628.06 652.26 613.93

Pier B1 38.92 89.52 99.27 211.46 237.7

Pier G6 29.55 86.93 101.3 262.93 286.73

Pier G5 118.43 336.22 384.1 470.6 521.71

Pier G3 286.65 783.89 918.09 1175.89 830.55

Pier G2 136.51 338.43 402.08 490.22 520.7

Pier G1 18.36 44.45 51.07 193.3 207.82

Pier 1-6 8.33 39.58 47.65 171.26 181.27

Pier 1-5 52.57 176.37 231.02 326.7 319.3

Pier 1-4 128.19 478.67 636.51 702.75 492.3

Pier 1-2 47.25 159.02 208.36 295.18 276.52

Pier 1-1 3.82 18.85 23.26 100.89 108.35

It is important to recall that “flexural response tends to be dominated by rocking

of piers rather than “beam” type behaviour, and failure is generally characterized by

shear, either in diagonal tension mode or by sliding on the predefined planes of mor-

tar”[7]. Besides, it was acknowledged that spandrels, vertical components without axial

loads, are prone to early shear cracking but still the ultimate resistance is controlled

by pier failure. As explained in Chapter 2.1, Pasticier et al. (2008) also employed both

rocking and shear hinges to piers and only shear hinges at mid-heights of spandrels, and

then performed pushover analysis for seismic assessment. After obtaining a result that

the global response of the URM structure was characterized by the shear failure mode

of the piers, only shear links were assigned to the mid-heights of the piers to reduce
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computational effort in NLTH analyses. Since the in-plane capacities of the facade

under investigation were characterized by sliding shear, as seen in Table 7.2, and the

researches explained above acknowledged that shear failure in terms of displacement

demand was found as more brittle compared to other failure mechanisms, in this study

only nonlinear shear hinge was assigned to the mid-heights of piers in an attempt to

diminish dissipation of time and computational burden in incremental NLTH analyses.

The reason lying behind the assignment of shear hinges at mid-heights of the piers

is that shear and principal stress concentrations occur through the deformable height

of URM walls under dynamic excitations. When the stresses induced by Earthquake

exceeds the threshold values, crack patterns emerge depending on the relative strengths

of masonry components.

Figure 7.1. Verification of possible hinge locations described in the literature, based

on comparison of EFM and FEM. (Red circles show the concentrated shear regions).
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Shear strength with a value of 0.2 MPa were almost attained at the level of first

floors but exceeded at the levels of ground and basement floors. In the locations of shear

hinges assigned in the EFM, shear stress concentrations occurred after performing FEA.

Spandrels, which were modelled as deformable elements between adjacent openings in

vertical plane, were subjected to more shear stresses than their threshold values at the

levels of basement and ground floors as well. Consequently, the distribution of stresses

enabled verifying the possible shear hinge locations.

7.2. Determination of Limit States for global assessment

According to Eurocode 8.3, the limit states of URM walls were determined, which

correspond to the attainment of the global displacement capacity on the pushover curve.

The ultimate displacement capacity is described as the top displacement. In terms of

top displacement, three limit states exist on the pushover curve.

• Limit state of Limited Damage (LD) is where the structure yields on the curve

of idealized elasto-perfectly plastic force/displacement relationship.

• Limit state of Significant Damage (SD) is equal to 3
4

of the top displacement

capacity corresponding the total base shear.

• Limit state of Near Collapse (NC) is equal to below 80 percent of the peak

resistance of the structure.

Structural collapse was assumed once the in-plane deformation capacity of piers was

firstly reached due to the ultimate shear displacement controlled by shear hinges or the

ultimate rotation controlled by rocking hinges [9]. According to Italian code (2008),

the shear collapse corresponds to the achievement of the ultimate drift δu which is

assumed to be 0.4% of the effective height of the pier [33-35].
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Table 7.3. Ultimate displacements and shear capacities of piers.

PIER
Italian Code

Sliding shear

Vs
u(kN)

Near Collapse

δu(mm)

Pier B6 77.95 10.74

Pier B5 249.81 10.1

Pier B3 478.46 9.2

Pier B2 226.67 10.24

Pier B1 38.92 9.6

Pier G6 29.55 12.46

Pier G5 118.43 11.82

Pier G3 286.65 11.96

Pier G2 136.51 10.8

Pier G1 18.36 13.52

Pier 1-6 8.33 12.64

Pier 1-5 52.57 8.88

Pier 1-4 128.19 8.88

Pier 1-2 47.25 8.88

Pier 1-1 3.82 11.6

Shear hinge properties were defined using ultimate shear and strength capacities shown

in Table 7.3.

7.3. Modelling of non-linear behaviour for pushover analysis

The masonry piers were modelled as elastoplastic with final brittle failure of the

deformable parts and a rigid-perfectly plastic behaviour with final brittle failure was

assumed for the plastic hinges.
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Figure 7.2. The pier and shear behaviours for PO a) the behaviour of pier, b) the

behaviour of correspondent shear hinge [9].

In the pushover analysis, two different lateral load distributions were adopted.

First load case (uniform distribution) was proportional to the floor masses. The latter

case was proportional to the product of masses times first mode shapes.

Figure 7.3. Comparison of hinges at δu =15.4 mm.
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Figure 7.4. Pushover curves for both load cases.

After performing pushover analyses, the hinges occurred as shown in Figure 7.3

when the ultimate displacement capacity 15.4 mm was attained. The collapse of the

facade was characterized by a storey mechanism emerging at the ground floor. More

hinges reached limit state of limited damage represented by blue hinges under the mode

proportional load case compared the other, due to the reverse triangular distribution of

load, more static force was applied to the top floor. The striking point on the pushover

curve is that there was a considerable difference about 24 % between the base shear

capacities of both models.

Table 7.4. The results of Pushover analyses.

Non-linear

Static Analysis

Pushover

(mode proportional)

Pushover

(mass proportional)

Limit States
Limited

Damage

Near

Collapse

Limited

Damage

Near

Collapse

Base Shear (kN) 684 693 924 904

Top

Displacement (mm)
2.98 15.4 3.41 15.4
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7.4. Modelling of non-linear behaviour for Time History Analysis

In order to simulate the cyclic behaviour of piers by means of stiffness and strength

degradation, hysteresis type pivot hinge was employed in NLTH analyses.

Figure 7.5. The pier and shear behaviours for NLTH a) the behaviour of pier, b) the

behaviour of correspondent shear hinge [9].

The reference backbone curve was utilized to perform the non-linear hinge be-

haviour with the corresponding parameters controlling the degradation of stiffness and

strength. The experimental curve was firstly generated by Anthoine et al. (1995)

performing the quasi-static cyclic test. Afterwards, Magenes et al. proposed the pa-

rameters of the backbone curve that enables the pier to achieve the same behaviour

with experimental curve, establishing the numerical model by SAP 2000.

The hinge parameters α1, α2, β1, and β2 which govern the stiffness degradation

during the unloading procedure, were adopted for correlation with the experimental

results. All parameters were taken as 0.45. Ultimate shear capacity of the pier was

reduced to 70 % of the peak resistance.
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7.5. Incremental Dynamic Analysis (IDA)

An incremental dynamic analysis can be performed by series of non-linear time

history analyses. The main difference between IDA and NLTH is that the entire range

of structural response is covered by IDA, whereas the results obtained from NLTH

analysis only determines the response of the structure for that earthquake input se-

lected. Each NLTH analysis uses the same seismic record with different Peek Ground

Accelerations (PGA). By scaling the PGA values, it is aimed at leading the structure

to reach all limit states from yield point to collapse. The selection of earthquake inputs

is a significant phase to obtain reliable outcomes about vulnerability assessment, since

a seismic event can vary from another one in terms of the frequency content, the energy

content, the duration and such parameters, which give rise to different influences on

the same structure.

Fifteen earthquake records were selected from PEER NGA West2 Data Base in

accordance with the design response spectrum generated in Chapter 5 [36].

Figure 7.6. The spectra of selected ground motions.
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The proper PGA scale factors at small intervals were utilized for 15 earthquake

records so as to derive the entire incremental dynamic pushover curve with piecewise

lines. As a result of this, the PGA values causing the structure to attain the limit

states of limited damage, significant damage and near collapse were identified.

Figure 7.7. Comparison of IDA curve with Duzce EQ. record and Pushover curves.

Figure 7.8. Comparison of IDA curve with K. County EQ. record and Pushover

curves.
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The results obtained from Figure 7.7 and Figure 7.8 showed a good agreement in

terms of top displacement capacity of all models. Especially, the force/displacement

response of the structure presented a similar behaviour when subjected to either K.

County earthquake excitation or static force by pushover (mass proportional), except

the yield point. By performing IDA with Duzce earthquake record, the PGA values

leading the structure to reach limited damage, significant damage and near collapse

limit states are 0.21 g, 0.40 g and 0.43 g, respectively, whereas those PGA values

by using K. County earthquake record are 0.18 g, 0.38 g and 0.40 g for the same

limit states, respectively. It can be observed that the same PGA of 0.40 g may result

in different top displacement demand and different damage level for two earthquake

ground motions.

Figure 7.9. Illustration of hinges in Near Collapse State.

When the collapse mechanism occurred, only one pier reached its ultimate shear

displacement capacity under K. County EQ. excitation, whereas both piers attained

their displacement capacity simultaneously under Duzce EQ. excitation. Another con-

siderable point is that a total of four piers in Figure 7.9.a showed limit state of limited

damage until the system fails but only one pier has yielded in Figure 7.9.b. Primarily,

these variations confirm how in-plane behaviour of URM walls may differ depending

on the content of frequency and energy, and duration of earthquakes.
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Figure 7.10. Base shear – top displacement relation by IDA with Duzce record.

Figure 7.11. In-plane behaviour of GH5 hinge [37].
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Figure 7.10 shows base shear and top displacement relation. In Figure 7.11, it is

demonstrated that when the pier G5 firstly reached its ultimate capacity of 11.8 mm,

the capacity reduced by 30 percent and reached 82.6 kN due to degradation in stiffness.

Figure 7.12. Incremental dynamic pushover curve.

After performing series of simulations by using a set of NLTH analyses, finally

the incremental dynamic pushover curves were generated, as presented in Figure 7.12.

According to the curves, it can be interpreted that the ultimate shear displacement

capacity of the structure is about 15 mm. Despite differences in base shear values, a

considerable agreement is provided at the yield point represented by limited damage

state where the average shear force is 850 kN. The upper and lower bound in Figure 7.12

are represented by the curves obtained from Friuli (Tolmezzo) and Pushover(mode),

respectively. It can be concluded that Pushover analysis, adopting the mass propor-

tional load case, meets the mean of results obtained from IDA and thus it may be

more applicable method for seismic performance assessment of URM walls, compared

to pushover method adopting mode proportional load case.



96

Using 15 different earthquake ground motions, each PGA value that causes the

structure to reach limit states were identified by IDA. These PGA values were marked

depending on their corresponding limit states in Figure 7.12.

Figure 7.13. Summary of PGA values leading the structure to reach LD, SD and NC

limit states.

7.6. Seismic fragility curve

Initially, the response of the structure was obtained by incremental dynamic

analyses. Afterwards it was probabilistically defined in terms of PGA values. By

carrying out the fragility assessment, it was aimed at predicting the PGA value for

which the seismic response of a structure exceeds the capacity ending up failure. In

order to perform a direct comparison with the PGA levels corresponding the four

seismic zones described in the Italian seismic regulation, the PGA was considered as

the seismic intensity parameter. The number of PGA was calculated as percentage

at each interval of 0.05 g in Figure 7.13. The calculated percentages were summed
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up cumulatively. By making this calculation for the PGA values corresponding limit

states separately, the seismic fragility curves were derived as seen in Figure 7.13.

Figure 7.14. Seismic fragility curves corresponding the limit states.

The fragility curves provide an opportunity to assess the seismic vulnerability

of the structures by direct comparison with the design PGA values proposed by the

Italian seismic regulation code for a return period of 475 years. According to the code,

a PGA of 0.35 g and above is defined as first category which represents the highest risk

level buildings.

For the building under consideration, there was 30 % probability and 60 % prob-

ability to fail in seismic regions characterized by 0.4 g and 0.45 g, respectively. More-

over, significant damage probability of the building for the same level of PGA values

constitutes 40 % and 75 % probability of collapse, respectively. Therefore, proper

maintenance and retrofitting should be implemented so as to reduce the vulnerability.
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7.7. Determination of strength reduction factor

In order to calculate Capacity Reduction Coefficient and Ductility Demand Co-

efficient as explained in Figure 7.15, the mean of IDAs results is obtained, and Linear

Response Spectrum Analysis was performed on the 2D EFM of the front facade. Ta-

ble 7.5 represents the displacements and base shear values obtained from IDAs using

15 earthquake records.The analysis results obtained from both the mean of IDAs and

Linear RSA were plotted, as shown in Figure 7.16.

Table 7.5. Displacement and Forces obtained from IDAs.

Earthquakes
Limited Damage Significant Damage Near Collapse

δtop

(mm)

Force

(kN)

δtop

(mm)

Force

(kN)

δtop

(mm)

Force

(kN)

Imp.Val(1940) 3.5 844 10.7 985 15.7 973

K. County 3.4 787 11.2 955 14.5 979

N. Calif 3.5 770 12.8 1094 14.6 1062

S. Fernando 3.3 616 11.4 1058 14.6 1105

P. Mugu 3.6 777 11.2 1134 14.5 1143

Friuli

(Codroipo)
3.5 801 11.8 1116 14.3 1114

Friuli

(Tolmezzo)
3.7 767 10.8 1155 14.5 1244

Tabas 3.7 815 10.2 1017 13 1015

El. Centro 3.3 776 11 1039 14.2 1054

Imp.Val

(1979)
3.6 875 10.9 1022 13.9 1057

Irpinia 3.7 894 10.8 1030 14.5 1094

Kocaeli 3.5 847 11 1137 13.7 1144

Duzce 3.6 913 11.5 1093 14.7 1115

Montenegro 3.6 830 11.5 939 14.7 938

L’Aquila 3.2 750 11.6 1124 13.4 1132
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The mean value of displacements in Limited Damage is calculated as 3.52 mm

that represents Elastic displacement (δe) corresponding to yield point on the elasto-

plastic curve. Ultimate displacement (δu) is obtained as 14.31 mm from the mean of

displacements in Near Collapse. Eventually, the ultimate base shear is calculated as

1077.93 from the mean of forces in Near Collapse.

Figure 7.15. Capacity Reduction Coefficient and Ductility Demand Coefficient.

Figure 7.16. Base shear – top displacement obtained from Mean of IDAs and Linear

Response Spectrum Analysis.
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Table 7.6. Capacity Reduction Coefficient and Ductility Demand Coefficient.

Capacity Reduction

Coefficient

Ductility Demand

Coefficient

Ry = fe/fy µ= Umax/ Uy

2.3 4.1

Capacity Reduction Coefficient and Ductility Demand Coefficient are calculated

as 2.3 and 4.1, respectively. Ultimate displacement is larger than Elastic displacement,

as expected for rigid structures (low period of vibration). The capacity reduction

coefficient with a value of 2.3 meets the upper of the behaviour factor between 1.5 and

2.5 for unreinforced masonry proposed in EN 1998-1.
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8. CONCLUSIONS AND FUTURE WORK.

8.1. Conclusions

The study presented in this thesis is primarily focused on both linear modelling

by FEM and non-linear modelling by EFM in order to carry out seismic performance

and vulnerability assessment of the historical building under investigation. So as to

reduce the complexity and uncertainty of masonry, system identification technique is

used and, OMA is performed. By use of model updating procedure, both the difference

between theoretical and experimental modal behaviours has minimized, and the most

appropriate material and soil properties have been provided for both linear and non-

linear models. As a result, it has created a basis for carrying out the performance and

vulnerability assessment of the building accurately. The main findings obtained from

Linear RSA and both Non-linear IDAs and PO analyses are as follows:

(i) In comparison of each phase in FE modelling, it is observed that the reduction

in mass due to removal of some areas for openings has a less influence than

the reduction in stiffness on the modal period since the period has increased

considerably upon removal of some areas.

(ii) As refining the mesh size from 60 x 60 to 15 x 15, it is observed that when a

mesh size of 20 x 20 compared to a mesh size of 30 x 30, the major difference is

that elapsed time for modal analysis becomes four times longer despite converged

results.

(iii) In the region of 3D FEM where there is massive slab discontinuity between Axis

B and Axis F on Right facade, the maximum displacement of 15.4 mm is attained

due to a considerable reduction in the stiffness of lateral resisting elements.

(iv) As a result of linear analysis, the performance level of the building under investi-

gation meets Immediate Occupancy, since a maximum value of 0.171 % measured

in the right facade wall is in the range of 0.15 and 0.25 corresponding to Diago-

nal tension failure, 0.1 and 0.3 corresponding to sliding failure, and 0.1 and 0.9

corresponding to rocking failure.
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(v) As a result of linear analysis, it is acknowledged that the average values of prin-

cipal stresses around openings are 0.3 MPa that exceeds a threshold value of 0.15

MPa. Therefore, diagonal cracks around all openings are anticipated to develop.

(vi) The analysis of the shear stress distribution demonstrates that concentration

spreads between adjacent openings in both vertical and horizontal planes. Ex-

ceedance of the threshold value can be detected in the areas more than half of the

facade. Therefore, it is anticipated that the in-plane failure mode is characterized

by shear.

(vii) The lowest capacity values for all piers are obtained from Equation 2.9 which

corresponds to sliding shear according to Italian code.

(viii) It is observed that the distribution of shear stresses on FEM model verifies the

possible shear hinge locations described in the literature.

(ix) The results of both Pushover analyses demonstrate when the ultimate displace-

ment capacity 15.4 mm was attained, the collapse of the facade is characterized

by a storey mechanism emerging at the ground floor.

(x) All simulations obtained from dynamic and static non-linear analyses detect the

weak storey at the ground floor. A considerable agreement between the analyses

is provided in terms of detecting the weak storey that governs the collapse state.

(xi) A 24 % difference between the base shear capacities of both pushover models is

obtained.

(xii) It can be concluded that Pushover analysis, adopting the mass proportional load

case, meets the mean of results obtained from IDAs and thus it may be more

applicable method for seismic performance assessment for URM walls, compared

to pushover method adopting mode proportional load case.

(xiii) The results of IDAs show the same PGA value can lead the URM structures to

attaint different limit states depending on the content of frequency and energy,

and duration of earthquakes.

(xiv) The upper and lower bound on Incremental Dynamic pushover curves are rep-

resented by the curves obtained from Friuli (Tolmezzo) and Pushover (mode

proportional), respectively.

(xv) As a result of IDAs, the ultimate shear displacement capacity of the structure is
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about 15 mm. Despite differences in base shear values, a considerable agreement

is provided at the yield point represented by limited damage state where the

average shear force is 850 kN

(xvi) As a result of Seismic Fragility Curves, there are 30 % probability and 60 %

probability to fail in seismic regions characterized by 0.4 g and 0.45 g, respec-

tively. Since according to Italian code, a PGA of 0.35 g and above is defined as

first category which represents the highest risk level buildings, maintenance and

retrofitting must be implemented properly so as to reduce the vulnerability.

(xvii) Capacity Reduction Coefficient and Ductility Demand Coefficient are calculated

as 2.3 and 4.1, respectively. Ultimate displacement is larger than Elastic displace-

ment, as expected for rigid structures (low period of vibration).

8.2. Future work

(i) The objective of this future work is to establish mechanical models for deformation

capacity of stone masonry, since there are no reliable and practical analytical

models for the force-deformation relationship of stone masonry. The reason why

stone masonry will be under investigation is that in the last few years only limited

experimental studies have been carried out. Most of the research work were

performed in an attempt to determine the in-plane cyclic behaviour of masonry

structures consisting of clay solid or hollow bricks. When examining codes in

literature such as FEMA 306 (based on solid clay masonry walls), NZSEE 2015

etc, it is seen that in terms of inter-storey drifts, limit states are identified which

refers to the first occurrence of local failure of portions of walls such as rocking

in flexural, diagonal cracking and sliding in shear. Particularly, limit states for

stone masonry are required to be defined, corresponding to the attainment of the

global displacement capacity of the structures on the lateral force - drift curve.

In summary, this future work will encompass experimental tests (quasi-static

cyclic and standard material tests) as well as the development of analytical and

numerical models.
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(ii) The objective of this future work is to quantify damage level of the structure

using vibration based techniques, and to strengthen the damaged regions by using

FRCM composites. The change in modal parameters and strength of reinforced

structure compared to original condition will allow to identify the effectiveness

of FRCM method. Accurate conditioning of the structure enables to detecting

the level and region of strengthening. Retrofitting of the masonry structure by

using FRCM materials will provide seismic upgrading, increase in load carrying

capacity, and improvement of stiffness of the structure. Continuous monitoring

of the reinforced structure subjected to environmental changes such as relative

humidity, temperature, imposed strain etc. can be achieved by using Structural

Health Monitoring (SHM) system.
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