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SEISMIC PERFORMANCE OF TUNNEL IN LIQUEFIABLE SOIL

SUMMARY

Seismic performance evaluation of structures below the ground surface such as
tunnels, manholes, pipelines, subway stations, deep foundation and lifeline systems is
an important issue in growing modern urban areas. Therefore, needs for developing
reliable tools and methods to decrease damage risk is a priority especially in high
seismic risk regions. Evaluation of risk for designing an underground structure can be
accomplished by gaining insight into the ground response during strong ground
motion. During past two decades, uplift of underground structures buried in liquefiable
site has been come to attention between scholars. In this thesis, the emphasize was to
evaluate the uplift of tunnel due to geotechnical aspects rather than structural.

In second chapter, some background information available in literature related to
underground structures in liquefiable soils were given. Effect of different parameters
such as buried depth, wide to buried depth ratio of tunnel, direction of ground motion
propagation, permeability, friction angle and dilation angle of soil on tunnel behavior
in liquefiable sand were explored. It should be noted that, current understanding on the
influences of these parameters on the seismic behavior of tunnels is restricted due to
lack of experiments or real case data. Present numerical methods are based on
assumptions. Therefore, for the rationality and validation of numerical analyses can be
established by carrying out experimental studies and numerical simulations cautiously.

In fifth chapter, the procedure of finite element modeling for implementation in
Opensees platform related to tunnel buried in saturated sand explained in detail. The
most important issues that may occur during modeling such as chosen time step and
adequate element mesh size clarified. Different available and practical boundary
conditions procedure in geotechnical computation are described. However, in this
research only absorbent boundary condition used and the effect of different boundary
conditions on soil-tunnel system behavior was neglected. The numerical outline for
free-field analyses consists more attention to the boundary condition to reduce the
reflection of energy from far-field lateral sides of the domain and to represent
structural and hydraulic interactions at the soil-tunnel interface.

In the analyses procedure gravity analyses performed following by dynamic analysis
to evaluate tunnel uplift behavior. The model analyzed with different ground motion
amplitudes to investigate the effect of peak ground acceleration on tunnel uplift
behavior. Additional evaluation performed for post-liquefaction behavior of tunnel in
cohesionless saturated loose sand.

Chapter 6 describes characteristics of the site response model used to
perform the parametric analyses as described in Chapter 5. Single element level
calibrations procedure was enlightened which were conducted for both cyclic and
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monotonic under drained and undrained conditions. The soil constitutive parameters
calibrated against a commonly used semi empirical liquefaction triggering routine. As
procedure of this constitutive model calibration, a new way was used for assuring that
shear modulus reduction curve is compatible with soil shear stiffness.

An extensive soil constitutive model calibration was carried out for
PressureDependentMultiYield model (PDMY02) in Opensees. The aim was to capture
more accurate response of the soil to be implemented in nonlinear 2D site response
analyses for real liquefiable profile case studies. Calibration was only conducted for
loose to dense sand with different blow counts of SPT test reported by researchers.
Numerical evaluation was conducted with Single element simulation for monotonic
and cyclic simple shear test. Different initial confining vertical pressures was
considered to simulate soil behavior at different depths. The simulation results was
compared with EPR11993 recommended modulus reduction for sand. The result of
calibrated parameters were in agreement with EPRI1993 recommended modulus
reduction. Furthermore, the calibrated constitutive model parameters were used to
validate the 2D site response of Wildlife Array site and Kobe port island site as real
case studies. For Wildlife Array site, downhole array record of Superstition Hills
earthquake was used as an input motion at the base of the model. For Kobe Port Island
station site, the downhole array record at depth 32m of 1995 Kobe earthquake was
used as an input motion. The acceleration, velocity and displacement time histories at
ground surface level from simulations were in good agreement with recorded data at
each site.

In the second part of chapter 6, the calibrated model parameters are then verified
against real case solutions for the linear behavior, and validated against down-hole
array recording for Superstition Hills earthquake at the Wildlife Liquefaction Array
(WLA) site and Hyogoken-Nanbu, Kobe earthquake at Kobe Port Island site. a series
of parametric 2D site response analyses were performed to validate the soil parameters
and to study geotechnical parameter that are typically unavailable in the empirical data.

The resulting surface acceleration spectra are compared in a way that is comparable to
the empirical method. The differences might be attributable to the inability of the 1D
site response analyses to capture 2D and 3D effect such as surface wave and basin
effect, or possibly shortcomings the in the 1D model’s ability to faithfully represent
all salient aspects of 1D wave propagation under liquefaction. Effect of different soil
constitutive model parameters on uplift and settlement of soil structure system, effect
of geometric of tunnel and soil domain on uplift and settlement of tunnel-soil system
such as buried depth of tunnel and effect of height to wide ratio of tunnel and effect of
ground motion characteristic’s parameters such as frequency contents of motion,
amplitude of ground motion and duration are the main parameters effecting behavior
of tunnel.

On the other hand, investigation the effect of geometry and ground motion
characteristics, only frequency content and acceleration amplitude, on tunnel-soil
system in liquefiable soil have been widely evaluated in literature due to simpler
procedure for implementation.
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In this research, emphasize was on evaluating effect of combined horizontal and
vertical excitation, post-liquefaction phase on uplift and settlement of tunnel-soil
system and effect of different relative density on tunnel uplift.

In terms of evaluating the effect of horizontal and vertical excitation combination, for
vertical to horizontal maximum amplitude ratio higher than unity (V/H>1) an increase
in uplift displacement of tunnel was observed. On the other hand, combination of
horizontal and vertical excitation with V/H less than 1 will reduces the uplift
displacement as it damps out the effect of horizontal excitation. Sand with higher
relative density did not liquefied due to generation of less pore water pressure.
Therefore, dissipation begins earlier compare to sand with smaller relative density.
The rate of uplift and settlement displacement of tunnel increases as relative density
decreases.

For evaluation of post-liquefaction consolidation settlement of tunnel numerical
simulations using solid-fluid fully coupled effective stress were conducted in
OpenSees open source code platform. horizontal components of 1995 Kobe
earthquake records was selected and first 40s of records only considered in analyses
without any change in frequency contents of motion. The soil assumed as medium
dense Nevada sand with relative density Dr=57% overlaying dense sand with relative
density Dr=74%. Extracted results for Far-field, near-field and center nodes of domain.
To evaluate the tunnel behavior with the liquefiable soil, critical points within the soil
domain are considered horizontally and vertically. Both uplift of tunnel near-field and
settlement in far-field in sand with higher relative density are smaller as relative
density increases.
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SIVILASABILEN ZEMIN TUNELI SiSMiK PERFORMANSI

OZET

Tuneller, menholler, boru hatlari, metro istasyonlari, derin temeller ve cankurtaran
sistemleri gibi zemin ylizeyinin altindaki yapilarin sismik performans degerlendirmesi,
modern kentsel alanlarin biiylimesinde 6nemli bir konudur. Bu nedenle, 6zellikle
yuksek sismik risk bolgelerinde hasar riskini azaltmak icin guvenilir arac ve yontemler
gelistirilmesine duyulan ihtiyag bir onceliktir. Zemin yiizeyinde bulunan yapilarin
sismik performanslar1 genellikle yapinin atalet kuvvetlerine, zemin biiyiitmesine ve
yapinin temel sistemi ile temel zeminine baglidir. Dogal periyot ve titresim modlari
yeralt1 yapilar i¢in anlamsizdir, dolayisiyla yeralti yapilart deformasyonu goreceli
deplasmanlar tarafindan yonetilir. Deprem sirasinda yapiyr g¢evreleyen zeminin
davranis bi¢gimi yapi iizerinde etkilidir. Bir yeralt1 yapisinin tasarlanmasi i¢in riskin
degerlendirilmesi, giiclii yer hareketi sirasinda olusabilecek davranis bigimlerine karsi
onlem almaktir. Gegtigimiz yirmi yil icinde, depremler sirasinda sivilasmis zemine
gomiilii yeralt1 yapilarinin zemin yilizeyine ¢ikmasi arastirmacilarin ilgi alan1 olmustur.
Bu tez calismasi kapsaminda geoteknik agidan deprem kuvvetleri altinda sivilagan
zeminde olusan bosluk suyu basinct nedeni ile tiinelin zemin ylizeyine dogru hareket
etmesi incelenmistir.

Ikinci bdliimde, sivilasmis zeminlerde yeralt1 yapilar ile ilgili literatiirde mevcut bazi
arka plan bilgileri verilmistir. Gomiilii derinlikte tiinel davranigi lizerine derinligin,
tiinelin gomiilii derinlik oraninin, yer hareketi yayilim yoniiniin, gecirgenlik, siirtinme
acist ve zeminin dilatasyon agis1 gibi farkli parametrelerin etkisi incelenmistir. Bu
parametrelerin, tiinellerin sismik davranislar1 iizerindeki etkilerine iliskin mevcut
anlayisin, deney eksikligi veya ger¢ek durum verileri nedeniyle kisitlandigi
belirtilmelidir. Mevcut sayisal yontemler varsayimlara dayanmaktadir. Bu nedenle,
sayisal analizlerin validasyonu, deneysel ¢aligmalar ve niimerik simiilasyonlar dikkatli
bir sekilde gerceklestirilerek olusturulabilir.

Besinci boliimde, suya doygun kumda gomiilii tinel ile ilgili Opensees platformunda
uygulama icin sonlu eleman modellemesi yontemi ayrintili olarak agiklanmistir.
Secilen zaman adimi ve yeterli eleman ag g6zii biiyiikliigii gibi modelleme sirasinda
ortaya cikabilecek en 6nemli konular netlestirilmistir. Geoteknik hesaplamalarda
kullanilan pratik sinir kosullar1 agiklanmistir. Bununla birlikte, bu arastirmada
kullanilan absorb (etki azaltan) sinir kosulu ve farkli sinir kosullarinin zemin-tlnel
sistemi davranisi lizerindeki etkisi ihmal edilmistir. Serbest alan analizleri i¢in sayisal
ana hat, alanin uzak alan kenarlarindan gelen enerjinin yansimasini azaltmak ve zemin-
tiinel arayliziinde yapisal ve hidrolik etkilesimleri temsil etmek amaciyla sinir
kosuluna daha fazla dikkat edilmektedir.
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Analiz prosedirinde éncelikle tiinel-zemin sistemininzemin yiizeyine dogru hareket
etme davranisini degerlendirmek i¢in dinamik analiz ile yercekimi analizleri
gerceklestirilmistir. Daha sonra, sonlu elemanlar modelinde, tiinelin yiikselme
davranigindaki maximun zemin ivmesinin etkisini aragtirmak i¢in farkli yer hareketi
genlikleri ile analiz edilmistir. Kohezyonsuz doygun gevsek kum i¢inde sivilasma
sonrast zemin davranisi i¢in ilave analizler yapilmistir.

Bo6lim 6’da kullanilan zemin tepkisi modelinin 6zellikleri B6liim 5'te oldugu gibi
aciklanmis, parametrik analizleri gergeklestirilmistir. Tek eleman seviyesinin
kalibrasyonu, drenajli ve drenajsiz kosullar i¢in hem dinamik hem de monotonik
olarak coziimlenmistir. Zemin tabakalarini olusturan parametreler, yaygin olarak
kullanilan yar1 deneysel sivilasmay1 tetikleyen yontemlerekars: kalibre edilmistir.
Olusturulan model kalibrasyonunun bir prosediirii olarak, kayma modiilii azalim
egrisinin zemin kesmedayanimi ile uyumlu olmasii saglamak icin yeni bir yol
kullanilmistir.

Openses programinda PressureDependentMultiYield (PDMY02) modeli i¢in kapsamli
bir biinyesel zemin model kalibrasyonu uygulanmistir. Gergek sivilasabilir profil
calismalari i¢cin dogrusal olmayan 2D zemin tepkisi analizlerinde kullanilacak zeminin
daha dogru yanitin1 yakalamak amaciyla kalibrasyon arastirmacilar tarafindan
bildirilen SPT testinin farkli darbe sayilarmma sahip olan yogun kumlara gore
yapilmistir. Monotonik ve dinamik basit kesme kuvveti deneyi i¢in tek elemanli
simiilasyon ile niimerik degerlendirme yapilmistir. Farkli baslangi¢ sinirlarinda diisey
basinglarin farkli derinliklerde zemin davranmisini simiile ettigi diistiniilmistiir.
Simiilasyon sonuglari, kum i¢in EPRI1993 6nerilen modiil azaltim ile karsilastirilmais,
kalibre edilmis parametrelerin sonucu, EPRI1993 6nerilen modiil azaltimi ile uyumlu
oldugu gozlenmistir.

Altinct kisimin ikinci boliimiinde, kalibre edilmis yapisal model parametreleri,
Wildlife Array bolgesi ve Kobe liman adasi alaninin 2D saha sonuglarini gergek vaka
calismalari ile dogrulamak i¢in kullanilmistir. Wildlife Liquefaction Array (WLA)
alani i¢in, Superstition Hills depreminin down-hole array, modelin tabaninda bir girdi
hareketi olarak kullanilmistir. Kobe Port Island istasyon sahasi i¢in, deprem kaydi
olarak 1995 Kobe depreminin 32m derinligindeki kayit kullanilmistir.
Simulasyonlardan zemin seviyesindeki hiz, hiz ve yer degistirme zamanlarinin, her bir
sahadaki kayitli verilerle iyi bir uyum i¢inde oldugu gozlenmistir. Kalibre edilmis
model parametreleri daha sonra dogrusal davranis i¢in ger¢ek vaka ¢oziimlerine gore
dogrulanmis ve Superstition Hills depremi Wildlife Liquefaction Array (WLA)
bolgesinde ve Hyogoken-Nanbu'daki i¢in down-hole array kaydina kars
dogrulanmistir. Kobe liman adasindaki Kobe depremine ait zemin parametrelerini
dogrulamak ve tipik olarak ampirik verilerde bulunmayan geoteknik parametrelerin
incelenmesi i¢in bir dizi parametrik 2D saha analizi yapilmistir.
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Sonucta elde edilen yiizey ivme spektrumlar1 deneysel yonteme benzer bir sekilde
karsilagtirilmaktadir. Yiizey dalgasi ve basen etkisi gibi 2D ve 3D efektlerini veya 1D
modelinin sivilagma altindaki 1D dalga yayilimimin tiim goze g¢arpan yonlerini
gosterme kabiliyetindeki olast eksiklikleri yakalamak icin 1B saha yanit analizi
dikkate alinmistir. Zemin yapir sisteminin yukari hareket etmesi veya oturmasi
tizerinde zemini parametrelerinin etkisi, tiinel ve zemin alaninin geometrik etkisinin
tinel-toprak sisteminin tlinel ve derinlikteki tinel-zemin sistemi Gzerindeki etkisi ve
yiiksekliginin tiinel ve etki oranina etkisi bu hareketin frekans igerigi olarak yer
hareketi karakteristik parametrelerinin, yer hareketinin ve siiresinin genligi tiinelin
davranigina etkileyen ana parametrelerdir.

Ote yandan, sivilasabilir zeminde yer alan tiinel-zemin sistemi (izerinde etkisi
nedeniyle sadece frekans igerigine ve ivme genlik olarak incelenen geometrinin ve yer
hareketi 6zellikleri etkisi, , literatiirde yaygin olarak kullanilan basit bir yontem olarak
gerceklestirilmektedir.

Bu arastirmada, ayni anda yatay ve diisey olarak uygulanan deprem ivmesinin,
stvilagan zeminde tiinel-zemin sisteminin diisey yonde yukar: dogru hareket miktari
ve oturma tizerindeki etkisi ve farkli relatif sikiligin tiinel-zemin sisteminin diisey
yonde yiikselmesi lizerindeki etkisinin incelenmistir.

Yatay ve diisey ivme kombinasyonunun etkisini degerlendirmek agisindan, diiseyden
yatay maksimum genlik oraniyla birlikte (V / H> 1), tiinelin yiikselme egiliminde bir
art1s oldugu gézlemlenmistir. Ote yandan, V / H ile 1'den kiiciik yatay ve diisey uyarim
kombinasyonu, yatay ivmenin etkisini azaltarak yukar1 dogru hareket miktarimi
azaltacaktir. Yiiksek Relatif sikilikta olan kumda ilave bosluk suyu basincinin
olusmamasi nedeniyle sivilasma olmamustir. Relatif sikilik azaldikca tiinelin yer
degistirmesi ve yer degistirme hizinin arttig1 gézlenmistir.

OpenSees acik kaynak kod platformunda kat1 akiskan tam efektif stres kullanilarak
tiinel sayisal simiilasyonlarinin sivilagsma sonrasi oturmasinin degerlendirilmesi igin
yapildi. 1995 Kobe deprem kayitlarinin yatay bilesenleri se¢ilmis ve frekans araliginda
degisiklik olmamasi nedeni ile kayitlarin ilk 40 saniyesi analizinde dikkate alinmistir.
Orta sikilikta Dr =57% olan Neveda kumu Dr = 74%. olan kumun {istiinde yer
almaktadir. Tiinel davramisin1 sivilagtirilabilir zemin ile inceliyebilmek i¢in, zemin
icindeki yatay ve diisey kritik noktalar olarak alinmistir. Relatif sikilik arttik¢a, uzak
alan, yakin alan ve alanin merkezindeki olusan tlinelin yukar1 dogru harekei ve
oturmalar azalmaktadir.
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1. INTRODUCTION

Seismic performance evaluation of structures below the ground surface such as
tunnels, manholes, pipelines, subway stations, deep foundation and lifeline systems is
an important issue in growing modern urban areas. Needs for developing reliable tools
and methods to decrease damage risk is a priority especially in high seismic risk
regions. Underground structures embedded in saturated soils are vulnerable to uplift

or settlement during earthquake events.

One of main features of underground structures is that they are not vibrate
independently like structures above the ground surface and they generally displaced
with the soil simultaneously despite the soil type and conditions. Such displacements
can be formed by seismic waves within the soil and exert excessive loads caused by

interaction between soil and underground structures.

Seismic behavior of structures beneath the ground surface, more precisely tunnels,
have been investigated by many researchers (Madabhushi,et al.2015; Zhang, et
al.2011; Chian, et al.2012,2015; Lee, et al.2017; Chen et al.2014; Zhou et al.2014;
Azadiab,2011) for the past decades due to several significant damages observed in past
earthquake events such as severe damages reported in Daikai subway station during
the Hyogoken-Nambu 1995 Kobe earthquake and tunnel damages during 1999
earthquake in Taiwan at central region of Taiwan (Liu & Song.2005), severe damages
and permanent displacements occurred in incomplete section of Bolu tunnels during
Kocaeli earthquake in 1999. (Maugeri & Soccodato.2014).Damage to the Sendai
Airport transport underground railway caused by uplift during Tohoku Earthquake on
Pacific Coast with magnitude Mw=9.0 in 2011. After Tohoku earthquake severe
damages observed due to really strong ground shaking followed by tsunami half an
hour after main shock (Unjoh et al.2012).

Failure in road tunnel in Turkey during Duzce earthquake in 1999 and collapse of
structures during china Tangshan earthquake in 1976 and 1989 Loma Perieta
earthquake in United States were also another cases of damages in underground

structures during earthquake (Liu & Song.2005).
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Seismic performance of structures which exist above ground surface generally, depend
on inertia force and structural amplification due to ground amplification or specifically
foundation of structure, while natural period and vibration modes are meaningless for
underground structures alone therefore the underground structures deformation is
governed by relative displacements of the soil surrounding the structure during
earthquakes.

(@)

(b)
Figure 1.1 : Daikai subway station. (a) Settlements of the overlaying roadway
caused by the subway collapse. (b) Collapse of the central columns of the station.



1.1 Purpose of Thesis

Many attempt has been done by scholars to evaluate the behavior of underground
structures when the soil has liquefaction potential. However, less attention paid to the
post liquefaction phenomena after an earthquake event. The purpose of this thesis is to
overcome some of the most important shortcomings of previous works using more
advanced soil constitutive model such as capturing post liquefaction, creep behavior

and anisotropic stiffness of sand in dynamic analysis.

The present research aim is to investigate the behavior of tunnel in liquefiable sand
due to horizontal and vertical seismic wave with emphasize on post liquefaction. In
this research, the uplift and settlement of the rectangular tunnel will be evaluated by

using finite element modeling.






2. UNDERGROUND STRUCTURES IN LIQUEFIABLE SOIL:
LITERATURE REVIEW

2.1 Introduction

By growing society in modern cities, design and constructing lifelines and
transportation facilities such as subway stations under the ground surface is an
essential. Seismic design routines available for structures above the ground surface is
not applicable to underground structures, therefore, adequate procedures need to be
developed to design more reliable and safe structures under the ground. Seismic
performance of underground structures has been studied by several scholars for

various scenarios.

However, in areas where soil is partially or fully saturated the risk of damages to the
underground infrastructures and lifelines is very high. Liquefiable loose sand has high
potential to generate enormous amount of excess pore water pressure under strong

ground motion loading.

Excess pore water pressure can cause severe damages to underground structures such
as Subway stations, tunnels, pipelines, gas and oil lifelines, manholes and deposit tank
embedded in liquefiable soil due to lateral spreading and uplift during strong ground
motion. (Hu & Liu .2017). Researchers discovered that damages to underground
structures are mostly due to active fault, slope failure, liquefaction uplift, post-

liquefaction settlement and lateral spreading of soil.

Several cases of severe damages to underground structures due to uplift have been
reported globally in litreture (as cited in Lee et al, 2017). In this case, the uplift
behavior of tunnels and subway stations have been investigated by many
researches(Chian et al.2014, Kang et al.2014, Zhou et al.2014, Madabhushi &
Madabhushi.2015, Lee et al.2017, Chian & Madabhushi.2012, Zhuang et al.2015,
Zhuang et al.2016, Li et al.2015, Sharp et al.2003, Liu & Song.2006, Orense et al.2003,
Chen et al.2014, Chian & Madabhushi.2012, Chen et al.2015, Hu & Liu.2017).



Figure 2.1 : Vertical uplift of manhole and densified surrounded soil.

Observations and field investigation after strong earthquakes revealed that liquefaction
is one of the main cause of damages to large underground structures due to floatation
and uplift displacement (see Figures 2.1, 2.2, 2.3 and 2.4). The 1989 Loma Prieta
earthquake in Northern California, Northridge earthquake and 1995 Kobe earthquake
in Japan are the renowned cases of underground structures failures (Saeedzadeh &
Hataf.2011).

Figure 2.2 : Uplift of parking lot during Tohoku Pacific Earthquake 2011
(Tokimatsu et al, 2012).



Figure 2.3 : Uplift of manhole during Tohoku Pacific Earthquake 2011 (Tokimatsu
etal, 2012).
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Figure 2.4 : Heaving of soil under retaining wall during Tohoku Pacific Earthquake
2011 (Tokimatsu et al, 2012).

The investigation consists of numerous centrifuge tests and finite element analyses of
underground structures in saturated and dry soil during cyclic loading under drained
and undrained conditions.



Many procedures proposed for evaluating seismic performance of underground
structures against uplift. Moreover, different mitigation methods examined by

researchers for remediation of tunnels and pipelines against uplift during liquefaction.

Due to complexity of fluid-soil-structure interaction involving and affected by many
factors, still there is no unified method to capture effects of all the factors on seismic
performance of underground structures adequately. Therefore, more investigation
needed to get better insight into behavior of embedded structures in liquefiable and
non-liquefiable soil. In the following chapter, a brief review of behavior of

underground structures embedded in liquefiable soil will be explored.



2.2 Forces Acting on Submerged Structures in Saturated Soil in Equilibrium

Condition

According to Archimedes law of submerged objects in fluid, underground structures
can be lifted by upward force due to floating forces excerted on structure in equilibrium
condition. The net force excerted on underground structure can be written as:
Fvtotal = Fg - Fr (2.1)

Where, Fuviotal IS the effective buoyant force, Fgis floating force and Fr is structure’s
weight.
The other forces acting on structure are shear friction force (Fsp) and weight (Fws) of
overlaying soil mass as illustrated in Figure 2.5. Therefore, the equilibrium condition
for acting forces can be expressed as:

Fg — Fr < Fys + Fp (2.2)

\‘\\ FWS 7’ "'[

Saturated
Sand

Figure 2.5 : Schematic of forces acting on an embedded structure statically (Chian &
Madabhushi, 2012).

According to Veritas.2007, total resistance of overlaying soil mass can be written as:
] ’ 2 1 T ] D 2
Fresise = Fws + Fsp = y".H.D +v'.D? (= 3) + K.tan(¢).y". (H + 2)* (2.3)

Where, H is depth of soil, y' is saturated unit weight of soil, K is coefficient of lateral
earth pressure which is also evaluating increased stress in vertical direction, ¢ is

friction angle of soil and D is diameter of structure.



The equation 2.2 also can be described as:

4 ! 1 ! D
Fresise = Fws + Fsp = V' H.D +y'.D? (5= %) + f.y". (H +2)? (2.4)

Where, f = K,.tan(¢p') = (1 —sing’)tan(¢’) is defined as frictional resistance
factor of soil, Ko is the lateral earth pressure coefficient and ¢’ is friction angle in
drained condition.

Eq.2.3, only consider the weight of soil exactly above pipeline as illustrated in Figure
2.6 and not like Figure 2.5. This assumption will cause shear friction resistance force

to be underestimated.

Y Y
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Figure 2.6 : Schematic of forces acting on pipeline (left) and manhole (right) (Chian
& Tokimatsu.2012).

2.2.1 Forces Acting On Submerged Structures In Saturated Soil During
Liquefaction

When liquefaction happens loose dense soil will softened and can not resist any shear
strength. Therefore, the shear frictional resistance stresses on the inclined shear
surfaces will be decreased and underground structure may suffer floatation if
resistance forces Fws and Fsp are less that Archimedes effective buoyant force
(Fvtotar), Thus:
Fe—Fr>Fws+Fsp (2.5)
When liquefaction happened, the pore water pressure is also imposed forces at the
bottom of structure therefore eq 2.4 can be rewritten as:
Fe—Fr+Fepp> Fws + Fsp (2.6)
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2.2.2 Calculation of Forces Acting on Floated Structures During Liquefaction

Condition

According to Chian & Madabhushi.2012, the Archimedes floatation force (Fg) can be
computed by specific weight of water multiply by volumetric displacement which
means larger structures have larger volume, therefore, they have larger volumetric
displacement and imposed by larger floatation force. During constant volumetric
displacement, floatation force will remain constant.

When soil is lquefied it behave like a high viscosity liquid, however, in computation
of floatation force specific weight of water will be used.

The force imposed by submerged structure’s weight (F1) can be calculated by unit
mass of structural material. The weight of soil mass on top of the structure (Fws) can

be calculated by:

Fws = [(H. D— “'TDZ + Hz.tanq)’) Y] (2.7)

Frictional Shear resistance force against uplift (Fsp) of structure can be increased as
buried depth increases. Shear resistance force against uplift can be calculated as shear
stress of soil multipled by gradient length of shear surface.

During liquefaction effective stress reaches zero and interaction between soil particles
will be reduced to zero which led the soil lose shear strength and effect the inclined
frictional shear resistance force of overlaying soil mass. Therefore, during liquefaction
shear stress changes linearly proportional to degree of liquefaction and can be

computed by following relationship:
Fsp = (Taye- 2. L.cosd’). (1 — 1) (2.8)

Where, L is gradiant of shear planes above structure
In circular shape structures, the force imposed by pore water pressure generation can
be excerted on lower semi-circular of the structure and it can be computed by

integration of pore water pressure on the lower semi-circular of the structure as follow:

D

l:EPP = l:EPP—invert = f_zg PEPP—inverth (29)
2
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Chian & Madabhushi.2012 examined and confirmed the formulation by comparing
calculated values with centrifuge tests results in different loading and material

conditions.

2.3 Factor of Safety Against Uplift

One of the early attempts to investigate uplift behavior of tunnel was conducted by
Koseki et al.1997. They carried out a series of shaking table tests with different input
motions and Toyoura sand parameters. The tested boxes buried partially and fully
within the soil. The soil models prepared with different pore fluid viscosity during
experiments. Based on the result of uplifted box three different phase observed during

tests.

First phase, Figure 2.7(a), started by lateral deformation of soil mass moving to bottom
of box due to loosing shear resistance caused by liquefaction. At the second stage pore
fluid movement to bottom of box (Figure 2.7(b)). They stated that the difference of
vertical stress at bottom of box compare to surroung soil at the same level due to
existance of structure causes creation of hydraulic conductivity in horizontal direction
which is the reason pore fluid flowing toward bottom of buried box. At stage three,
Figure 2.7(c), the soil start to densify and box settles due to dissipation of pore

pressure.

12
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Figure 2.7: Sequence of uplift of buried structure (Koseki et al.1997).

Finally, they came up with following equation and defined so-called factor of safety
against uplift:

Foo—Wre (2.10)

T Us+Ug+Fseep
Where,
W is the structure weight
Q is friction resistance force of side walls against soil
Us is Archimedes buoyant force due to hydrostatic pressure
Uq is uplift force due to excess pore water pressure

Fseep IS the seepage force of viscous flow of water within the soil.(Figure 2.8)
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Figure 2.8 : Forces acting on buried structure (Koseki et al.1997).

Overburden soil block
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Figure 2.9 : Vertical sliding surface of overlay soil mass (Koseki et al.1997).

Parameter F depends on magnitude of excess pore water pressure and it can be
neglected if the pore pressure is not relatively large enough to cause seepage flow. In
the case of compeletly buried box, it was indicated that soil mass above the structure
can be considered as part of buried structure (see Figure 2.9). Therefore, the vertical
slip friction force (Q) should be increased. They stated that value of factor of safety
(Fs) should be approach to 1 if the structure start to uplift due to equilibrium of vertical
forces. Therefore, Fs can be used to evaluate uplift triggering of buried structure caused
by liquefaction.

Later on, Ling et al.2003 and Tobita et al.2011 verified the factor of safety concept
proposed by Koseki et al.1997.

Ling et al.2003 investigated the uplift behavior of buried pipeline in different depths
by conducting eight centrifuge tests under 30g gravitational field. They used laminar
box, filled with Nevada sand with relative density of 38% under sinusoidal wave at an
amplitude of 0.5g. It was indicated that laminar box can replicate the free-field
response which can simulate boundary condition properly. Mitigation of buried pipe

with gravel deposite was also evaluated during tests.
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Figure 2.10 : Schematic of buried pipe (Ling et al.2003).

They proposed a technique according to limit equilibrium approach (Figure 2.10)
while neglect the shear resistance of the soil mass overlaying on top of the buried pipe
during liquefaction. Self weight of pipe and effective weight of overlaying soil were
considered as resistance forces to uplift. In terms of mitigation of pipe with gravel, the

weight of gravel mass added to overlaying soil mass.

The liquefied soil considered as liquid with specific weight of y.same as saturated unit
weight y.,;. Moreover, if the water table is not at ground surface level, the total

specific weight of sand above water table is denoted as y,(Ling et al.2003).

The gross unit weight of pipe can be calculated as:

2D—-b)b
v =252y, 2.11)

Where, b is thickness of lining, y, is unit weight of pipe’s material and D is pipeline
diameter. Ling et al.2003 concluded the design procedure by defining factor of safety

for pipeline as:

D(H-Hy)y'+DHyyi+wp

Fs = D2y /4

(2.12)
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By a series of centrifuge tests for buried manhole, Tobita et al.2011 proposed factor of
safety against uplift by considering vertical displacement of manhole and
consolidation settlement of surrounded soil based on factor of safety suggested by
Koseki et al.1997.

;[A!
—_— As
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o Trench Manhole N h,
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u#fH :\

(a) Cross section

Manhole

d

Trench

a (b) Plan view

Figure 2.11 : Schematic of buried manhole (Tobita et al.2011).

They assumed water table at ground surface and liquefaction happened in backfill soil.

the cross section of trench considered to be large enough.

According to floatation and gravity forces acting on manhole the uplift of manhole

defined as:

y - (12,

¥sat

(2.13)

Where, h and d are length and diameter of manhole respectively, y,, is unit weight of

manhole and y,,; is saturated unit weight of backfill.

As it is clear from Eq. 2.12 uplift of manhole can be expressed as ratio of manholes

unit weight to saturated unit weight of soil buried in.
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A schematic of buried manhole shown in Figure 2.11. They considered manhole buried

within a trench with square cross section with side a and water table denoted as hw.

Athough the consolidation settlement might occur in surounding soil due dissipation
of excess pore water pressure but they neglected volumetric starin change due to
consolidation and assumed that volume of backfill does not change during floatation

and volume of manhole’s uplift is equal to settlement of backfill.

Because of short duration of floatation, the water table in surrounding soil deposit

considered as constant.

Kang et al. (2014) conducted a comparison between a centrifuge test followed by an
effective stress numerical analysis with 2.05 m/s2, 4.64 m/s2 and 7.15 m/s2 input
accelerations using multiple shear mechanism and proposed a simplified method that
overcome the limitation of previous proposed method by Tobita et al. (2012) which
overestimates the maximum uplift displacement of shallow circular pipe exposed to
small ground acceleration based on resultant net forces act upon the pipe (Kang et.
al,2014).

Based on the Koseki et al.1997 proposed factor of safety against uplift by defining
equilibrium of forces contributing in vertical direction , Lee et al.2017 suggested a
factor of safety (FS) against uplift for rectangular shape tunnel during liquefaction.

As it is shown in Figure 2.12, the forces acting on structure in equilibrium condition

can be written as:

W, + Wy + 0, + Qg = U, + Up (2.14)
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Figure 2.12 : Forces acting on embedded structure in liquefiable soil (Lee et
al.2017).

Where,

Ws = yqq:bh is the weight of overlaying soil mass,

Ws = Viunnerbh 1S Weight of structure,

Qs = Ho, Kytang is shear frictional resistance of soil,

Qg = h(a',1 + 0',,3). Kotané is shear frictional resistance of soil on left and right side

of structure,
Us = Ywater (h + H)b is static pore water pressure at invert of tunnel,

Up = Aub is pore water pressure at invert of tunnel, ¢’,; and ¢’,, are effectice

stresses at top and bottom of the structure.
Lee et al.2017 suggested the safety factor against uplift as:

_ Wi+ Ws+0.+0s
U+ Up (2.15)

FS

Lee et. al,2017 validate the proposed factor of safety (FS) by conducting a series of

centrifuge tests on rectangular tunnel.

They concluded that, as long as the factor of safety (FS) computed by Eq.2.14 is less
that unity tunnel may suffer floatation during cyclic loading and when the factor of

safety approaches to more than unity the uplift dispalcement will be stopped.
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It was observed that tunnel uplift is mainly influenced by embedded depth of tunnel,
the input acceleration amplitude at the base and the loading number of cycles.

When saturated sand liquefied, it started to squeeze toward invert of tunnel due to

seepage.

A series of fluid-solid fully coupled effective stress finite element-finite difference
analyses conducted by Bao et al.2017 to evaluate the seismic performance of a large
rectangular cut and cover subway sation tunnel buried in shallow depth of liquefiable

sand overlaying clay layer.

Hu & Liu (2017) conducted coupled finite element-finite difference analyses on
rectangular tunnel at different depth and relative densities under moderate ground
motion. They stated that since the buried structure during earthquake can suffers from
both densification (settlement) and floatation therefore the liquefaction itself is not the

main cause Yyet it is a prerequisite to the underground structure uplift.

Furthermore, they indicated that liquefaction degree, liquefied zone of saturated soil
and force-induced flow of liquefied soil toward invert of structure have significant

influence.

Chian et al. (2014) investigated the effects of ground motion acceleration and buried
depth of the shallow circular manhole in liquefiable soil with a series of numerical
analyses and dynamic centrifuge experiments. The results showed that both numerical
analysis and experimental tests are in agreement that uplift displacement of the
structure increase with increasing the excess pore water pressure caused by larger
ground acceleration. They also indicated that shallower the buried depth is, the shear
resistance and weight of overlying soil are lessen which cause larger uplift. The
interaction between soil and structure causes limitation to degradation of shear
modulus in the soil around structure which was observed by constant rate of uplift after

liquefaction triggered.

The uplift displacement of tunnel mostly influenced by type of the input ground
motion, in which sinusoidal acceleration will cause considerably larger uplift

compared to real ground motion (Madabhushi, 2014).

The tunnel overlaying soil reaches full liquefaction while in the soil at the invert of the
tunnel begins to generate excess pore water pressures which is rapidly affected with

relative suctions when the tunnel starts to displace upward.
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Zhang et al.2011, used coupled finite element and the finite difference method (FE-
FD) to investigate the seismic behavior of rectangular subway station embedded in
loose sand. They considered the tunnel lining as a rigid body (neglect the soil-structure

interaction) and neglect the lining internal forced. They concluded that excess pore

water pressure maintained within the soil even after earthquake event finished for some
time which caused uplift displacement due to liquefied soil around the tunnel. They
also mentioned that vertical displacement of tunnel could be decreased by decreasing

the overlaying liquefiable soil thickness.

The result also showed that liquefaction happened at certain depth, not more than 28m,
in which at higher depth, the excess pore water pressure is generated slower.

Chen et al.2014 compared 2D and 3D finite element models of rectangular tunnel in
heterogeneous saturated soil, in which large deformation could occur when soil

liquefied.

In terms of permeability, the 3D model result showed that water can dissipates from
both left and right sides of structure. Also it was observed the water could dissipate
from infront and back side, therefore, growth of excess pore pressure due to soil water

dissipation behavior in 3D model is more rapid compare to 2D model.

Zhuang et al,(2016) implemented a series of shake table tests of rectangular subway
station model embedded in liquefiable sand with different peak ground acceleration

ground motions.
Dynamic properies of fine sand sample were founded by resonant column technique.

The results showed that when staurated sand in partially liquefied phase, it can not
recover the accumulated strain and as a result the cumulative residual strain is muh

higher than non-liquefied and post liquefaction phaeses.

The results also revealed that uplift displacement of tunnel station is largest when the
soil is completely liquefied. Zhuang et al,(2016) indicated that when the sand part
above the tunnel in completely liquefied the dynamic pressure on left and right sides

of tunnel is larger.

Usually the uplift behavior of tunnel and pipelines assessed by factor of safety due to

equilibrium of applied forces on underground structures perpendicular to the ground
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surface. However in practice the design methods may not be properly able to capture
the uplift deformation of structure by taking the factor of safety into the account.

chen et al.2011 evaluated the effect of peak ground acceleration(PGA), excess pore
water pressure (EPWP) and maximum strain response on a rectangular two story

subway tunnels using centrifuge tests under near and far filed seismic loads.

Xia et al.2010 analyzed a rectangular two story tunnel model by using solid-fluid fully

coupled finite element method with emphasize on liquefiable Toyoura sand thickness.

They used soil constitutive model adapted according to cyclic mobility concept which
is an extensive version of modified Cam Clay constitutive mode with anisotropy and
overconsolidation assumtions. The analyses focus was on effect of liquefiable soil
thickness on seismic performance of saturated Toyoura sand. The result of analyses

for different saturated Toyoura sand thickness illustrated in Figure 2.13.

According to Figure 2.13, uplift displaement observed under the tunnel structure due
to sand liquefaction and liquefied sand flow toward invert of tunnel from both sides of
tunnel. It is also declared that increasing of liquefiable sand thickness led to larger

uplift displacement.
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Figure 2.13 : Excess pore water pressure contour at different Toyoura sand thickness
(Xia et al, 2010).



2.4 Mitigation of Tunnel Against Uplift

Light weight of tunnel compare to surounding saturated soil, excess pore water
pressure generation and flow of liquefied soil toward invert of tunnel are the most
important factors in uplift behavior of tunnel during earthquake which can be reduced

by preventing liquefied soil flow toward bottom of tunnel.

Liu et al,2006 performed fully coupled finite element analyses for shallow rectangular
subway station tunnel and proposed cutoff wall installation (Figure 2.14) to mitigate
the uplift of tunnel in liquefiable soil. They compared results with and without cutoff

wall existance.
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Figure 2.14 : Cutoff wall installation Schematic (Liu et al,2006).

To mitigate uplift, two permeable walls installed along the depth of liquefiable soil at
both sides of tunnel with 0.6 m thickness.

The result from analyses showed that installed walls are capable of restricting liquefied
soil to flow toward invert of tunnel. However, walls are not able to inhibit excess pore

water generation.

In post liquefaction phase, tunnel can suffer settlement due to dissipation of excess
pore water pressure. Liu et al,2006 concluded that installed settlement can be

decreased by existence of walls (Figure 2.15).

22



40 T u T T u T T v T T 100 T T v T T T r T - T
T ¢ )
M e ' —— Without cutoff walls
30 1 = 80p .
@ . - = = With cutoff walls,
3 — Without cutoff walls 1 =
£ 20 = = = With cutoff walls, ) E 60 i
= a
[= %
S 10} 4 ‘é 40 J
0 e e % 20 1
5 !
,10 1 1 1 1 1 1
0 4 8 12 16 20 24 0 4 8 12 16 20
(a) Time (minute) (b) Time (Minute)

Figure 2.15 : Post liquefaction responses of tunnel: (a) settlement of tunnel, (b)
excess pore water pressure dissipation (Liu et al,2006).

The results also indicated that walls effective performance is at colsest distance to

tunnel structure. Geometry or material stiffnesses should be large sufficiently.
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Figure 2.16 : Influence of walls on tunnel uplift.

During past earthquakes, It was observed that the underground structure uplift due to
earthquake liquefaction is a usual risk to the underground structure, which may cause
much more serious damages to the structures. Therefore, appropriate actions are
necessary to decrease the structure uplift caused by soil liquefaction. Bao et al,2017
used mitigation technique for seismic liquefaction which is established recently. Based
on the current researches, it is know that soil conditions are important factors for the
seismic response of underground structures. Thus, adjusting reinforcement within the
liquefiable sand underneath the structure by injection grouting method was used by

Bao et al,2017. The reinforcement area takes its length of 22 m (the same with the
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structure length), while the thickness increases gradually ranging from 2.5 m to 14 m.
Several patterns with the same length L of 22 m but different reinforcement
thicknesses H, which are 2.5m, 5m, 7.5m, 12m and 14m, were investigated
respectively. The reinforced sand soil was simulated as a linear elastic material with
the Young’s modulus of 100 MPa, Poisson’s ratio of 0.2 and the unit weight of 19.9

kN/m3 used in the analysis.
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Figure 2.17 : Uplift of the structure with different reinforcement thicknesses (Bao et
al,2017).

Figure 2.17 shows the curve of structure uplift with different reinforcement thicknesses
beneath structure at the end of earthquake motion. It was confirmed again that structure
uplift could be gradually decreased when the reinforcement thickness increased to a
certain value, above which the reduction of structure uplift was not obvious with the

increase of the reinforcement thickness.

Figure 2.18 shows the vertical displacements on the ground surface at the end of
earthquake motion with different reinforcement thicknesses. Obviously, the case with

reinforcement could significantly reduce the uplift of tunnel structure.
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Figure 2.18 : Vertical displacements of ground surface with different reinforcement
thicknesses (Bao et al,2017).

2.5 Effect of Buried Depth on Tunnel Uplift Behavior

The buried depth underground structures is an important factor especially in soil that
has liquefaction potential. Increasing buried depth will increase the safety against
uplift of underground structure (Liu et al., 2005 as cited in Azadi & Hosseini.2010).

Howerver, results from centrifuge tests and numerical analyses showed that increasing
buried depth will also increase internal forces and moment in structural elements.
Therefore, more examination is essential to find out the optimum buried depth of

underground structures.

Increasing internal forces and reduction in uplift force on tunnel due to increase of
burial depth confirmed by Azadi & Hosseini.2010. The analyses on circular tunnel
with 10 to 20 m buried depths in liquefiable soil showed an significant increase in

moment and axial forces in lining.
The more detail of analyses results shown in table 2.1.

Increasing the buried depth will cause increasing the weight of overlaying soil mass

and lateral earth pressure acting on the lining.
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Table 2.1 : Moment and internal force of tunnel lining due to increased buried depth.

0).

Maximum axial force

(Azadi & Hosseini.201
Depth of the tunnel Maximum bending
axis (m) moment (ton-m)

8 11

10 11.1
13 15.2
15 16.9
18 21.9
20 25.5

54.3
73.5
98.9
105.1
124.2
126.0

To evaluate the effect of buried depth of underground structure in liquefiable soil a

series of numerical simulations of buried pipe in saturated Nevada sand with density

ratio 40% were carried out by Saeedzadeh & Hataf.2011. The analyses conducted by

3 circular pipes with 3m diameters and buried in 1.5m, 3m and 4.5m depths

respectively. As the results shown in Figure 2.19, the analyses revealed that increasing

the burial depth, reduces the uplift displacement of pipe.
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Figure 2.19 : Uplift of pipe with different buried depths (normalized by pipe

diameter)(Saeedzadeh & Hataf.2011).

According to aforementioned theoretical aspect of acting forces on underground

structures in, friction shear force, weight of overlaying soil mass acting on structure

and weight of structure itself against pore water pressure generation at the bottom of
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structure, which tries to lift the structure, are involve in uplift displacement of
embedded structure. The forces acting on structure mostly dependent on buried depth

of structure.

As mentioned in section 2.2, according to Archimedes law for submerged objects in
fluid, the total forces excerted on underground structure during both static and dynamic

coditions can be written as:
Fvtota = FB —FT (2.16)

Where, Fyiotal is the effective buoyant force, FB is floating force and FT is structure’s

weight.

To evaluate effects of buried depth on uplift behavior of structure, a depth effect ratios
based on effective buoyant force proposed by Chian & Madabhushi.2012 by

conducting a series of centrifuge tests.

For convenience in study of similar embedded structures at distinct burial depths, they
carried out evaluation by means of static equilibrium condition and suggested so called
“depth effect ratio” which is the ratio of forces acting on the structure buried at shallow

depth to same structure at deeper depth.

Chian & Madabhushi.2012 proposed depth effect ratio as follow:

[Fnet,b ]
_ Fshallow _ (Fws+Fgp)!shallow %S = (Fws+Fsp)deep %S (2.17)

(Fws+Fsp)shallow

Rdepth,computed Fdeep [Fnet,b/(F oF )]deep
ws SP

Where, S is modification factor for input motion.

They compared the depth effect ratio computed from centrifuge tests’s results with Eq

2.17.

They described the depth effective ratio of centrifuge test in the form of:

uplift of shallow buried depth

R = 2.1
depth,exp uplift of structure buried in deep ( 8)

They indicated that, both weight of top soil mass (Fws) and frictional shear force obove

the structure (Fsp) are governed by planted depth of underground structure.

Structure implanted at shallower depth will have less overburden pressure and less

shear force resistance surfaces which led to larger deformation.
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Geometry condition, shape of tunnel lining and buried depth of tunnel have high

influence on uplift displacement of tunnel embbeded in liquefiable soil.

By knowing the correlation between buried depth and diameter of tunnel, height of
side wall in retangular section tunnel,the uplift displacement of tunnel can be evaluated
by comparing it against performance results from previous tests with same soil

parameters and seismic load conditions (Chian et al.2012).

Chian et al.2012 also conducted centrifuge tests on circular structure buried in shallow

depth with different soil and shaking situations. They concluded that
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Figure 2.20 : Vertical and horizontal displacements of the structure.

Liu & Song.2005, also investigated the effect of five different buried depths, 4, 7, 10,
13 and 16 m, on uplift of two story subway station with two different loading scenarios,
horizontal excitation and horizontal plus vertical excitation. The numerical results
demonstrated that uplift displacement decreased as buried depth increased in linear

manner during both excitation scenarios (Figure 2.21).

The results also showed that, reduction of excess pore water presssure through depth

and weight of overlaying soil mass are two factors against uplift displacement of

buried structure.
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Figure 2.21 : Subway tunnel uplift displacement in different buried depth (Liu &
Song.2005).

It was also observed that tunnel internal forces due to combined hydrostatic pressure
and dynamic load increased by increasing buried depth. However, they believed that
internal forces and moments were detected to be only because of earthquake load. It
is interesting that they found out similar moment and shear forces on center wall of

subway.

2.6 Effect of Diameter and Width of Tunnel on Uplift Behavior

Saeedzadeh & Hataf.2011 analyses for different buried pipeline diameters revealed
that, increasing pipe diameter will cause pipe to uplift more. They examined 1m, 2m
and 3m diameters for pipe buried at 3m depth within saturated Nevada sand with 40%
relative density. They showed that the ratio of uplift to diameter will decrease by

increasing diameter (Figure 2.22).
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Figure 2.22 : Uplift of pipeline in term of different pipe diameter (Saeedzadeh &
Hataf.2011).
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Saeedzadeh & Hataf.2011 were also indicated that although by increasing diameter of
pipe the resistance weight of overlaying soil mass increases but the influence of pore
water pressure generation at the bottom of the pipe is more due to growing rate of pore

water generation compare to growing rate of overlaying soil pressure.

The effect of diameter of pipe on uplift behavior also examined by Azadi &
Hosseini.2010 where they investigated the behavior of circular tunnel with 0.58, 1 and
1.16 ratio’s (ratio of diameter of tunnel to initial model with 6.3m diameter). As
demonstrated in Table 2.2, they found out that increasing tunnel diameter will cause

internal forces and moment of tunnel lining increases.

Table 2.2: Shear force and moment of lining for to diameter of tunnel (Azadi &
Hosseini.2010).

Ratio of Maximum Maximum Maximum  Tunnel  Surface

tunnel bending axial force  shear force  uplift ground
diameter moment (ton) (ton) (cm) heave
(tom-m) (cm)
0.58 3.95 43.2 9.4 14.3 9.5
1 11.1 73.5 9.7 42.7 24.5
1.16 22.3 79.4 11.4 48.9 32.0

The results revealed that by increasing the tunnel diameter the internal forces and

moment increase as well.

It is worth noting that most of efforts that have been done in litreature by scholars on
behavior of underground structures, are conducted on pipelines and cirular shape

tunnels.

Geometry and shape of structure may effect uplift behavior of underground stucture
and may led to different results. However, there are very few researches have been

done on buried depth effect on rectangular shape of tunnel against uplift.

2.7 Effect of Soil Permeability on Tunnel Uplift Behavior

The tunnel uplift due to liquefaction is dependent to excess pore water pressure
generated and maintained within the soil. As pointed out before during and after

earthquake, soil properties such as relative density (Dr) and permeability (k) with
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different values cause different excess pore water pressure generation and dissipation

behavior.

Low permeability could cause Tunnels undergo floatation in fine grain soils, while
coarse grain soil with higher permeability can make tunnel compressed downward due
to settlement of soil around tunnel walls and invert due to the quick consolidation of
the liquefiable soils. Also, decreasing permeability in overlaying soil will cause
decrease in average axial strains in the tunnel overlaying soil. (Madabhushi &
Madabhushi, 2015).

(Madabhushi & Madabhushi, 2015) conducted a series of numerical analyses for
tunnel to evaluate the effect of permeability variation on tunnel uplift or settlement.
They carried out analyses with permeability within the range 1e10-7 m/s to 0.5 m/s.
Figure 2.23 illustrates the uplift and settlement of tunnel in terms of different

permeabilities.

As it is shown in Figure 2.23, they found out that for fine grain soil with values of
permeability (also called hydraulic conductivity) smaller than 1e10-2 m/s, the tunnel
will be uplifted due to upward folatation, while, for higher permeabilities the tunnel

will suffer settlement due to quick dissipation of pore water pressure.

In addition to the tunnel uplift or settlement, it is also important to evaluate the vertical
displacement of soil at ground surface. Figure 2.24. shows the result of analyses carried
out by (Madabhushi & Madabhushi, 2015) for vertical displacement at ground surface
exactly at center line of tunnel with different permeabilities. As it is shown Figure
2.24, the tunnel suffer uplift in fine grain soil with lower permeability while it settles

as permeability increases for soil with larger grain sizes.
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Figure 2.23 : Uplift and settlement of tunnel due to permeability variation
(Madabhushi & Madabhushi, 2015).
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Figure 2.24 : Soil vertical displacement at the ground surface above center line of
tunnel for different soil permeabilities (Madabhushi & Madabhushi, 2015).

However, According to (Madabhushi & Madabhushi, 2015), in the soil with high
haydraulic conductivity, the settlement is larger at ground suface compare to tunnel
level. Therefore, they stated that it is suitable to compute the average axial strain within
the domain between surface level and tunnel lining. Figure 2.25. shows the variation
of haydraulic conductivity and average axial strain between ground surface level and
tunnel lining. According to Figure 2.25, they conculded that the soil can suffer from
compression axial strain due to settlement of ground level soil during consolidation
after earthquake and tunnel uplift from buoyancy force. This correlation is nonlinear
and the rate of axial strain variation reduced by decreaing haydraulic conductivity.

The axial strains are not affected by the haydraulic conductivity further than a specific

value.
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Figure 2.25 : Variation of average axial strain with decreasing haydraulic
conductivity (Madabhushi & Madabhushi, 2015).

It is worthwhile to mention that different viscosity and density of pore fluid can also
effect permeability and as a result effect the different uplift and settlement in the

saturated soil.

Higher fluid viscosity causes lower permeability and vice versa. Lee et al 2017
investigated the effect of permeability on uplift behavior of tunnel by carrying out a
series of centrifuge tests. The tests showed that the shallow tunnel in low permeability
saturated soil experience larger uplift. They also emphasized that uplift behavior of
tunnel significantly affected by pore fluid viscosity and buried depth of tunnel. The
result showed that with lower viscosity of pore fluid which also indicate higher

permeability, tunnel will experience smaller uplift displacement.

Chian et al 2012 carried out series of centrifuge tests and investigated the behavior of

saturated soil with different fluid viscosity.

The tests showed similarity at the initial stage of excess pore pressure generation
between fluid with viscosity 7.4 ¢St (DC-04-EQ1)) and water (DC-02-EQ1) as shown
in Figure 2.26:
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Figure 2.26 : Liquefaction ratio near base of centrifuge model at 13 m depth during
1st earthquake (Chian et al 2012).

The effect of the permeability on generation of excess pore pressure has been
examined by many scholars (Chian et al 2012, Madabhushi et.al.2015, Lee et al 2017).
Madabhushi et.al.2015 showed that in fine grain soils with low permeability causes
tunnel to be uplifted, while in more coarse grain soils with higher permeability the

tunnel can be settled due to the rapid pore pressure dissipation.

2.8 Effect of Input Ground Motion on Tunnel Uplift Behavior

Tunnel behaviour during earthquake shaking is influenced by many features such as
geometry, buried depth and stiffness of the tunnel lining and the characteristics of the
ground motion. However, current understanding on the influences of these parameters
on the seismic behaviour of tunnels is restricted due to lack of experiments or real case
data.Present numerical methods are based on assumptions, the rationality and
validation that required to be established by carrying out experimental studies and
numerical simulations cautiously. This section emphasizes on the influence of ground

motion characteristics on seismic behaviour of tunnels.

Ling et al.2003 used sinusoidal wave in horizontal direction as an input motion in
centrifuge tests for buried pipeline. The sinus wave applied with duration 20 and 60
seconds and frequencies of 3 and 5 Hz. The centrifuge tests conditions demonstrated
in table 2.3.
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Table 2.3 : Centrifuge tests conditions (Ling et al.2003).

Dry density lglcm])

Test No. Box Saturating fluid Frequency (Hz) Duration (s) Sand Gravel Burial depth (m) Test conditions
1 Laminar Metolose 3 60 1.55 — — Sand only

2 Laminar Water 3 60 1.49 — — Sand only

3 Rigid Metolose 3 60 1.53 — — Sand only

4 Rigid Water 3 60 1.55 — — Sand only

5 Laminar Metolose 5 20 1.54 — 1.5 Pipe

6 Laminar Metolose 5 20 1.54 1.65 1.5 Pipe mitigated
7 Laminar Metolose 3 60 1.54 — 3.0 Pipe

8 Laminar Metolose 3 60 1.52 23 3.0 Pipe mitigated

The results showed that, test (No.5) conducted by input motion with 20s and 5Hz
caused 17.3 cm uplift and input motion in test 7 and 8 with 60s duration and frequency
3 Hz caused 40cm uplift. It was not cleared that more uplift in tests 7 and 8 is due to
duration, in other word number of cycles in sinusoidal motion, or the frequency

contents of waves.

Table 2.4 shows the characteristics of input motion for evaluating the behavior of
tunnel in liquefiable soil during experimental and numerical analyses that conducted

by researches.
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Table 2.4 : The overall caractristics of input motions conducted by researchers.

Reference Event PGA Duration|frequency (Hz)
Hu & Liu.2017 kobe 1995 0.29 24
Kang et al.2014 sinusoidal 1.25
Chianetal.2014 sinusoidal 0.22&0.1 27
. 1995 Kobe earthquake hor0.3g-ver0.05,0.1,0.15,0.2g 30
Liu & Song.2005 sinusoidal hor0.2g--ver0.1g 10
Azadi & Hosseini.2010 sinusoidal 0.1g 10 1
sinusoidal 0.165g 15 1
sinusoidal 0.135g 20 1
sinusoidal 0.24g 20 1
sinusoidal 0.126g 20 1
sinusoidal 0.216g 20 1
sinusoidal 0.143g 20 1
sinusoidal 0.22g 20 1
sinusoidal 0.133g 20 1
Cilingir & Madabhushi.2011 sinusoidal 0.218g 20 1
sinusoidal 0.088g 20 0.8
sinusoidal 0.079g 20 0.8
sinusoidal 0.291g 20 1.2
sinusoidal 0.315g 20 1.2
sinusoidal 0.22g 30 1
sinusoidal 0.218g 30 1
1995 Kobe earthguake 0.22g 20 1hz-3hz
1995 Kobe earthquake 0.218g 20 1hz-3hz
1995 Kobe earthquake 0.1-0.2-0.3g 40 0.5t04 Hz
Zhuang et al.2015 El-Centro earthquake 0.1-0.2-0.3g 40
Nanijing artificial motion 0.15¢ 22
Naghan earthquake
Sharafi et al.2015 Tabas earthquake
sinusoidal 0.6g 10 3hz
Chian et al.2015 sinusoidal 0.29 35
sinusoidal 0.59 8
Madabhushi & Madabhushi.2015| 1995 Kobe earthquake 0.69 8
1996 Kobe earthquake 0.89 8
Watanabe et al.2016 sinusoidal 13 3hz
1996 Kobe earthquake 0.8g 40
Zhuang et al 2016 El-Centro earthquake _}.03-0.11-0.166-0.266-0.328-0.511{ 40
. sinusoidal 0.5g9 60 3hz
Ling et al 2003 sinusoidal 0.5g9 20 5hz
sinusoidal 0.13g 16 lhz
Lee etal.2017 sinusoidal 0.23g 16 lhz
sinusoidal 0.25g 16 lhz
Tobita et al.2011 sinusoidal 0.2g~0.79 30 1.27hz
sinusoidal 0.6g 10 3hz
Tabas earthquake 25
Saeedzadeh & Hataf.2011 Naghan earthquake 5
Northridge earthquake 16
Landers earthquake 20
Azadiab.2011 sinusoidal 0.1g 10 lhz
Yang & Wang.2013 sinusoidal 0.1g 10 lhz
Zhang et al.2011 artificial(not clear) 0.1-0.2-0.3-0.4g 30
Chian & Madabhushi.2012 sinusoidal 0.21-0.22-0.23-0.25g 25-40-50
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2.8.1 Effect of Vertical Excitation on Tunnel Uplift Behavior

As it is known earthquake motion propagates in multidirectional within the soil media
and ground motion records has three compoents, two horizontally and one vertically.
The correlation between vertical and horizontal components of motion has been
investigated extensively. However, in practice it is common to neglect the effect of
vertical components of motion and just consider horizontal excitation as it is common

in 1D ground response analysis between scholars.

To investigate the effect of excitation on behavior of subway station tunnel in
liquefiable soil Liu & Song.2005 performed finite element analyses with both
horizontal and vertical excitation. They conducted the analyses with only horizontal
direction and horizontal plus vertical combination. They also investigated the tunel

behavior with sinusoidal wave excitation.

The well known 1995 Kobe earthquake components were selected as an input motion.
The horizontal component saled to 0.3g and vertical components scaled to 0.5g, 0.1g,
0.15g and 0.2g to find out the effect of vertical motion on the net displacement of

tunnel. They only considered first 30s of records due to difficulty to perform analysis.

The resuls was interesting as they observed not too much differences in overall uplift
of tunnel when horizontal and vertical motion applied simultaneously as it is

demostrated in Figure 2.27.
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Figure 2.27 : Uplift of tunnel due to different vertical acceleration amplitudes (Liu
& Song.2005).
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They also observed that vertical excitation has no effect on horizontal motion as
illustrated in Figure 2.28. However, acceleration response of soil right at the bottom
of tunnel showed significant EPWP fluctuation at certain interval in vertical motion
and after that there is no notable difference in EPWP (Figure 2.29).
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Figure 2.28 : Acceleration response of soil at the bottom of tunnel (Liu &

Song.2005).
250 - -
200} a=00g
150+
100 N
BOF
0
-50 + i i i i i
00| a“=0.0‘5 g
150+
100+
501
0
-50 ¢ + + + +
o0k a=0.10g

Excess pore pressure (kPa)

150W

Time (s)

Figure 2.29 : Excess pore pressure at the bottom of tunnel due tovertical excitations
with different amplitudes (Liu & Song.2005).

It was stated that this behavior of liquefiable soil due to vertical acceleration is because

vertical motion which propagate as p-wave can just generate compression stress, in
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which case pore pressure try to permeate this compression stress and start fluctuated

more.

As they mentioned, result of combined horizontal and vertical motion from the
analyses were not consistent with previous work done by Mobhri et al (as cited in Liu
& Song.2005) on uplift behavior of pipeline where they used sinusoidal wave as an
input. Therefore, to investigate this conflict Liu & Song.2005 also conducted analyses
with sinusoidal shaking with 0.2g amplitude in horizontal direction and 0.1g in vertical
direction and frequency 2Hz. The results with sinusoidal shaking was in agreement

with Mohri et al (as cited in Liu & Song.2005) work as shown in Figure 2.30.
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Figure 2.30 : Upift of tunnel due to sinusoidal wave in horizontal and vertical
directions (Liu & Song.2005).

They concluded that the different results from real earthquake records and sinusoidal
wave shaking may depend on broad charactristics of ground motion and not just peak
amplitude (Liu & Song.2005). The results of analyses with real vertical ground motion

conducted by Liu & Song.2005 are in contrast with Bao et al,2017 results.

Bao et al,2017 investigated the effect of vertical motion on subway tunnel in
liquefiable sand using soild-fluid fully coupled effective stress finite element analysis.
They selected vertical components of 1995 Kobe earthquake and scaled to 0.05, 0.1,
0.15 and 0.2g acceleration amplitudes for numerical analyses to evaluate effect of
vertical excitation by keeping other numerical analysis conditions identical. They
applied vertical and horizontal components concurrently and compared the results with

analyses with horizontal excitation only.
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Figure 2.31 : Excess pore water pressure ratio contour at different vertical
amplitudes (Bao et al,2017).

Figure 2.31 shows excess pore water generation at different vertical motion
amplitudes. It was concluded that when the excitation in vertical direction is being
amplified, it causes the liquefied zone to increase. How ever, vertical amplification has

almost no effect on shear force and moment in structural elements (Bao et al,2017).

As shown in Figure 2.32, they also stated that when vertical components of real ground
motion is being amplified it can increase the uplift displacement of tunnel which is in

conflict with Liu & Song.2005 results.
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Figure 2.32 : (a) ground level vertical displacement and (b) uplift displacement with
different vertical motion amplitudes (Bao et al,2017).
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Figure 2.33 : Excess pore water pressure ratio vs. acceleration histories at different

ground depth (Bao et al,2017).
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Although it was proved that vertical excitation has minimum effect on above the
ground structures, but in term of existance of structure within the soil it needs to be
investigated more.

Body acceleration and lateral displacement of the ground influenced by frequency
contents of motion significantly. Short to medium height structures above the ground
has small period (high frequency) which means they are more vulnerable to high
frequency contents of motion due to resonance may be occur between their vibrations.
On the other hand low frequency wave can effect mid-rise to very tall structure which
have higher period but low frequencies.

However, earthquake waves with higher frequency contents has less effect on
structural elements of underground structure. Azadi & Hosseini.2010 conducted a
series of finite element analyses for circular tunnel embedded in liquefiable soil. They
applied sinusiodal wave with 0.1g amplitude and 1 Hz frequency. They concluded that
reducing frequency contents of motion from 3 Hz to 1 Hz can increase shear and
moment distribution on tunnel lining more that 100% but can cause higher pore water
pressure around tunnel Figure 2.34 and Figure 2.35.
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Figure 2.34 : Pore pressure at bottom of tunnel for 1Hz frequency excitation ( Azadi
& Hosseini.2010).
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Figure 2.35 : Pore pressure at bottom of tunnel for 3Hz frequency excitation ( Azadi
& Hosseini.2010).

To investigate effect of amplification of motion on tunnel behavior, Azadi &
Hosseini.2010 also carried out analyses by different input motions with
0.05,0.1,0.15,0.2 and 0.25g amplifications in both horizontal and vertical directions.
As illuatrated in Figure 2.36, the result of analyses showed that by increasing
amplitude of motion in horizontal direction the uplift displacement of tunnel increases
due to increase in pore water pressure. However, vertical direction motion has no
significant effect on uplift behavior. Furthermore, they added that the increase in
amplitude of horizontal and vertical motions, increase shear forces and moments in

tunnel structure.
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Figure 2.36 : Uplift of tunnel due to different wave amplitudes ( Azadi &
Hosseini.2010).
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A recent evaluation of tunnel in liquefiable soil conducted by Hu & Liu.2017 to find

out uplift of two story tunnel using numerical analysis. They selected 1995 Kobe

earthquake in Japan for analyses. The original record has PGA around 0.835g which

was scaled to 0.2g. They performed analyses for liquefaction and post-liquefaction by

continuing analysis after the Kobe earthquake stopped and gave the domain enough

time to dissipate pore water pressure gradually in long run.

Hu & Liu.2017 stated that Kobe earthquake with 0.2g PGA generated enough excess

pore water pressure that uplift continued even after earthquake stopped completely

(Figure 2.37).
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Figure 2.37 : Uplift of medium dense sand in post-earthquake phase (Hu &

Liu.2017).

To evaluate the behavior of large tunnel structure, a series of shaking table tests carried

out by Zhuang et al.2016 using scaled Elcentro ground motion. Different peak ground

acceleration applied in tests shown in table 2.5.

Table 2.5 : PGA of Input motions used in shaking table tests( Zhuang et al.2016).

Test number Earthquake wave Loading condition Horizontal PGA (g)
1 White noise Bl 0.030
2 El Centro wave El 0110
3 El Centro wave E2 0166
-+ El Centro wave E3 0.266
5 El Centro wave: E4 0.328
i1 El Centro wave ES 0511

The tests results showed that thickness of liquefied soil increases by increasing motion

amplitudes. Liquefaction not happened untill ground motion amplifed to 0.266g and

soil dmaoin liquefied entirely during motion with 0.511g.
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As it is shown in Figure 2.38, results of pore water pressure ratio at point W1 showed
that pore water pressure at amplitude 0.266g reaches 100% while it did not occur
during 0.328g and 0.511g.
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Figure 2.38 : Tests results for pore pressure ratio at top of the soil domain ( Zhuang
et al.2016).

They explained that difference in pore water pressure ratio at point W1 is because of
after certain amplitude,more uplift of tunnel due to increased amplitude, the soil part
around tunnel have smaller effective stress which show pore water pressure ratio less

than real values and it is not reach unity.

Madabhushi & Madabhushi,2015 did examined the seismic performance of
rectangular shape tunnel in liquefiabe soil.1995 Kobe earthquake ground motion was
selected and scaled with maximum amplitudes 0.6g and 0.8g to be implemented in the
numerical analyses. They also used fade-out and fade-in sinusoidal shaking with

amplitude 0.5g to evaluate acceleration ground response during liquefaction.

Sinusoidal and more realistic earthquake input motions are considered The generation
of excess pore pressures in the soil around the tunnel and the consequent floatation of
the tunnel are observed for both types of input motions. It will be shown that the
amount of tunnel uplift depends on the type of input motion with the sinusoidal motion
leading to a significantly larger uplift compared with the more realistic Kobe motion.
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2.9 Effect of Dilation Angle of Soil on Tunnel-Soil System

Generally by reduction of soil dilation angle causes volume reduction of the soil during
monotonic and cyclic shaking. Therefore, pore pressure generation can increase or
decrease if soil dilation angle decrease or increase respectively (Azadi &
Hosseini,2010).

To evaluate the effect of dilatancy angle on soil-structure system (Azadi &
Hosseini,2010) conducted finite element simulation with different dilatancy angles,
y=0, 5 and 10, and compare pore water pressure generation at different depth within

the liquefiable soil. Figure 2.39 shows the result of simulations.
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Figure 2.39 : Pore water pressure generation at different depths due to different
dilation angles (Azadi & Hosseini,2010).

(Azadi & Hosseini,2010) stated that by increasing dilation angle the pore water
pressure increases significantly even less than initial pore water pressure. By reducing

of pore water pressure the uplift displacement of tunnel will also decreases.

They also indicated that dilation angle variation will effect the shear forces and
bending moments in structural elements. By increasing dilation angle from 0 to 10 the

bending moment and shear force reduced about 17% and 39% respectively.

(Sharafi & Parsafar,2016) also investigated the effect of dilation angle on uplift of
underground structure in liquefiable soil. They conducted 3d finite element simulation
on 3m diameter pipeline buried at 1.5 m depth. The simulation carried out by applying
sinusoidal wave with 0.6g and frequency 3Hz for 10s while keep relative density

constant as 40%.
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Table 2.6 : Dilation angle vs. vertical displacement (Sharafi & Parsafar,2016).

Y (Deg) Uplift (cm)
1 6
2.3 10.05
3.7 9.1

Dilatancy Angle Soil Effect

Uplift{(cm)

Psi(Deg)

Figure 2.40 : Tunnel uplift at different dilation angles (Sharafi & Parsafar,2016).

As illustarted in Table 2.6 and Figure 2.40, buried pipeline vertical displacement
increases by increasing the dilation angle. However, uplift decreased by increasing

dilation angle at certain value interval.

2.10 Effect of relative density of soil on tunnel-soil system

Evaluating the effect of soil material on tunnel uplift is not an easy task specially for
elasto-palstic multiyield soil constitutive models which consists many parameters.
However, effect of different parameter can be evaluated by conducting proper model

parameters calibration.

Sharafi & Parsafar,2016 investigated the effect of different relative densities on uplift
behavior of circular tunnel with 3m in diameter and identical burial depth, 1.5m below
ground surface. They conducted the analyses using well-known Finn model capable
of capturing volumetric strain and excess pore water generation. Further detail on Finn

model can be found on Sharafi & Parsafar,2016.
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By increasing the relative density the uplif displavement of tunnel reduced (Figure
2.41), however, the rate of uplift reduction after relative density 55% deceased

noticeably.

Compaction Soll Effect

Uplift{em)

Figure 2.41 : Tunnel uplift at different relative densities (Sharafi & Parsafar,2016).

Table 2.7 : Tunnel uplift at different relative densities (Sharafi & Parsafar,2016).

Dr (%) Uplift (cm)
40 6.85
45 5.95
50 5.20
55 4.90
60 4.30

Saeedzadeh & Hataf,2011 also conducted numerical analyses to investigate the effect
of relative density on uplift of pipeline with 3m diameter and buried at 1.5m below
ground surface. They used hardening soil model (HS) available in Plaxis for simulating
soil behavior. Hardening soil model (HS) is a plasticity model with yield cap consisting
dilation parameter. Due to evaluating pipe behavior at shallow depth, they retrieved
the soil parameters data from consolidation undrained compression test at small

confining pressure.

Saeedzadeh & Hataf,2011 considered Nevada sand with 40, 50, 60 and 70% relative

densities. The result of the analyses demonstrated in Figure 2.42.
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Figure 2.42 : Effect of relative density on pipeline uplift at different buried depths
(Saeedzadeh & Hataf,2011).

2.11 Effect of Friction Angle of Soil on Tunnel-Soil System

(Sharafi & Parsafar,2016) performed numerical simulation to evaluate the effect of
friction angle on pipeline uplift in liquefiable soil. They carried out simulations with

different friction angles as demostrated in Figure 2.43.

Friction Angle Soil Effect

Uplifi(cm)
(60

10 1s 20 25 30 3S <0
PHI(Deg)

Figure 2.43 : Effect of variation of friction angle on pipeline uplift (Sharafi &
Parsafar,2016).

The result showed that by increasing friction angle the uplift of buried pipeline will

reduced. The more frictional force between soil particles will cause less pore water
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pressure generation. It is indicated that increasing friction angle can reduce uplift
considerably.

As illustrated in Figure 2.44, the result of simulations by (Azadi & Hosseini,2010) are
also in agreement with the result of (Sharafi & Parsafar,2016). They showed that
higher friction angle values reduces the uplift displacement of tunnel in liquefiable
sand.
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Figure 2.44 : Effect of variation of friction angle on pipeline uplift (Azadi &
Hosseini,2010).

The most important shrotcoming of previous work is soil constitutive models like Finn
soil constitutive model implemented by Sharafi & Parsafar,2016 and Azadi &

Hosseini,2010 which is not capable of capturing post liquefaction behvior of sand.

According to Ti et al,2009 the Hardeing soil model used by Saeedzadeh & Hataf,2011
is not able to capture creep behavior and anisotropic stiffness of sand in dynamic

analysis.

Although the simulations have been given satisfactory results but the method used as
changing only one soil model parameter is not logical specially for more advanced soil
constitutive models. More advanced soil models consisting various parameters
correlated tightly in which changing one parameter will effect the other parameters
and consequently causes the soil to behave significantly different. To capture the effect
of soil material parameters on behavior of buried structures within the liquefiable soil

more advance centrifuge testing and parameters calibration needed.
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3. LIQUEFACTION PHENOMENON

3.1 Introduction

After Alaska and Niigata earthquakes in 1964 significent damaged observed in buried
pipelines, foundations and bridges and drew attention of many researchers and
engineers to investigate this phenamena which was called “liquefaction”. The
“liquefaction” expression firstly coined by Magimo and Kubo in 1953 (kramer,1996).
Since then the term liquefaction has been used for variety situations involve
cohesionless saturated soil deformation under undrained condition due to monotonic

or cyclic loadings.

Figure 3.1 : Liquefaction at Niigata earthquakes in 1964 (kramer,1996).

The most recent definition of liquefaction proposed by (Idriss & Boulanger, 2008) in
which the normal stress within the saturated soil mass could transfer to pore water
pressure due to contraction tendency of loose cohesionless soil during cyclic load

under undrained condition.

Cohessionless loose saturated sand deposit tends to densify under intensive earthquake
loads and the volume decreases as water flows out. Dependent on drainage conditions,
the densification of saturated soil mass is delayed as water could not dissipate rapidly
and excess pore water pressure will be generated. By increasing cyclic load’s number

of cycles the excess pore water pressure will be equal to total overburden stress at
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certain depth. At this phase the tension between soil grains reduces and effective stress
will be zero. Total vertical stress at specific depth within the soil can evaluated as:

o,=Yy.h (3.2)
Where, v is unit weight of soil and h is depth.

According to the principle of effective stress, the total stress is equal to the
combination of effective stress and the pore water pressure or in other word effective
stress can be calculated by subtracting hydrosttic pressure from pore water pressure at

the moment and can be expressed as:
o'=0-u (3.2)
where o' is effective stress,
G is total stress
and u is represent pore water pressure.

When the effective stress magnitude approaches to zero, the cohesionless saturated
sand loses its shear strength and the soil behave like liquid which cannot resist any
shear stress. Several soil constitutive models show that the shear stiffness of the

saturated soil is mostly depend on the effective stress magnitude of the saturated soil.

As mentioned before this phenomena is called “liquefaction” and since liquefaction
refer to express wide range of saturated soil behavior such as static liquefaction and
liquefaction due to seismic activities.therefore, it is vital to categorize this term in two

main group:

Flow liquefaction refer to static condition and cyclic mobility (or cyclic softening)
refer to liquefaction during earthquake.(kramer.1996, Jefferies & Been.2015)

In static state of equilibrium if the shear stress is greater than shear strength of soil
deposite then the soil enter failure state which is called “Flow liquefaction” and can

cause rapid ground deformation.

On the other hand, cyclic mobility happens due to larger shear strength compare to
shear stress which can be increaing incrementally during earthquake. Cyclic mobility
can cause large permanent deformation due to either cyclic shear stress or static shear
stress. Lateral spreading is the consequence of cyclic mobility deformation which can

cause significant damage to the existence structures. (see Figures 3.2 and 3.3)
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Figure 3.2 : Schematic of flow liquefaction and cyclic mobility.
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Figure 3.3 : Cyclic mobility and flow liquefaction response of soil under cyclic and
monotonic shear (Rauch, 1997).
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3.2. Triggering Liquefaction

Liquefaction generally initiated at very small shear strain,while soil body maintains
primary shear strength.before liquefaction initiated displacement and as a result strain
magnitudes are noticeably small. however, when liquefaction started the rate of strain

increases quickly.

When liquefaction triggered, large deformation within the cohesionless saturated soil
observed during earthquake. Therefore estimation of initiation time of liquefaction and

factors effecting the soil to be liquefied is a vital (Greenfield.2017).
Most common factors which cause the cohesionless saturated sand to be liquefied are:
1- Input motion characteristics
2- Grain size distribution and grain shapes
3- Relative density
4- Drainage condition
5- Characteristics and magnitude of initial applied load.
6- Number of load cycles

7- Strain and consolidation history

3.2.1 Effect of Input Ground Motion on Liquefiable Soil

Number of cycle influenced by duration of strong ground motion applied to the
cohesionless saturated soil which has an effect on generation of pore water pressure
within the soil. The other ground motion parameter that has effect on pore water
pressure generation is peak ground motion(PGA). Long duration ground motion can

cause higher pore water pressure.

Stiffness reduction tendency, tend to softened, within the soil when it is liquefied has
significant impact on frequency content of seismic wave. The soil can transfer strong
ground motion with high frequency contents due to higher stiffness compare to when
it is liquefied. However, when the soil liquefied it could just pass on low frequency

contents.

54



The soil mass responses to low frequency contents of ground motion due to stiffness
reduction after liquefaction triggered. Measuring ground motion intensity by using low
frequency contents of ground motion can gives better underestanding of the

liquefaction consequences (Greenfield,2017).

To study effects of input ground motion, relative density and permeability on
liquefaction potential of sand, Sharp et al,2003 conducted a series of centrifuge tests
on Nevada 120 sand. The centrifuge tests carried out with relative densities 45,65 and

75% and peak ground accelerations close to 0.2g and 0.4g.

The results of centrifuge tests showed that the thikness of liquefied zone increases as

the magnitude of peak ground acceleration increases.

It was also indicated that, regardless of the magnitude of peak ground motion
acceleration, the whole sand model with relative density 45% (Dr=45%) liquefied
completely. As illustrated in Figure 3.4, the tests result showed that peak ground

acceleration has less efffect on liqufied soil thickness.
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Figure 3.4 : Effect of peak ground acceleration on liquefied sand thickness (Sharp et
al,2003).
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3.2.2 Relative Density (Dr%o)

Relative dendity influences cohesionless soil response significantly during cyclic shear
loading. Dense sand has less tendency to shrinke and densify due to cyclic shear stress
while loose sand will be densified with proper drainage condition. In undrained
condition, excess pore water pressure generated in loose sand will cause liquefaction.
However, in denser sand has less liquefaction potential due to lower excess pore water

pressure.

Poorly graded saturated sands with smaller relative densities have low cyclic resistance

strength compare to well graded saturated sand with identical relative density.

Gradation possibly will effects the rate of contraction response in saturated sand and

therefore, liquefaction failure can take place at lower relative density. (Vaid et al.1990)

Pore water pressure generation increase considerably during cyclic loading which led
to increase in uplift or consolidation settlement. According to typical stress-strain
relationship of soil, the slope of the stress-strain curve expresses the stiffness of soil
mass against shearing which is steeper for denser sand. Consequently, the liquefaction

triggering likelihood in loose sand is much higher (Su,2005).

Testing parameters

Measured parameter Relative density D, Input acceleration Prototype permeability k

Thickness of liquefied soil H, H, decreases H) increases with a ., H, decreases when k increases,
when D, increases especially when @, is small

Lateral displacement D, Dy, decreases Dy, increases with a . . Dy decreases when & increases
when D, increases especially when k is high

Settlement § S decreases § increases with @, , S remains constant or slightly
when D, increases especially when & is high decreases when & increases for

Apmay=0.2 g, § increases
when k increases for a,,,, =04 g

max

3.2.3 Grain Distribution and Shapes

Porosity, tortuosity, soil grain size and distribution and degree of saturation influence

diffusion and flow through a porous medium (Matyka et al.2008).

Therefore grain size and distribution effect permeability which has an important role

in generation and dissipation of excess pore water pressure.

Gradation and soil type has impact on behavior of soil under cyclic load and therefore

liquefaction potential. For instance, soil such as clay can response exactly like
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liquefied saturated sand due to strain softening but actually liquefaction is not
happened within the clay.

Well-graded soil consists of uniform particles sizes has higher potential to liquefy
compare to irregular particle sizes soil due to tendency of small particles to fill the
gaps within the soil. Therefore, during seismic loading, the soil mass has less tendency
to densify and generating excess pore water pressure (Su.2005).

3.2.4 Strain History and Reconsolidation

Consolidated Liquefiable sand can densify again during second and subsequent cyclic
loading. Sand desify more and more during re-liquefaction and reconsolidation and
acceleration of ground motion increase progressively. However, the time needed for

pore water pressure to dissipate decrases.

Study that conducted by Ye et al.2007 showed that there is no change in cyclic mobility
behavior of liquefied loose sand under cyclic load for the first time after it was
consolidated, however, more cyclic mobility observed in the subsequent loading.

It was also observed that when the loose sand densify more, the resistace to shear stress
increases, cyclic mobility loop gets larger and due to larger stiffness the slope of stress-

strain curve increases (Figure 3.5).
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Figure 3.5 : Stress strain relation during repeated cyclic loading (Ye et al.2007).

In this context, for more convenient of the reader “re-liquefaction” will be used to

represent repeated liquefied soil which was liquefied before.
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Saturated sand preshearing can effect resistance of liquefiable sand against
liquefaction (as cited in Su.2005).

Despite the fact that liquefied sand gets more denser during re-liquefaction, but
resistance of soil to re-liquefaction decreases significantly compare to first time

liquefied-reconsolidated to initial effective stress.

3.3. Liquefaction-induced Potential and Susceptibility Evaluation

Quantitative evaluation of liquefaction potential is the first step in projects involving
liquefaction under seismic load. During past decades, many methods and procedures

proposed to evaluate the soil liquefaction potential such as:
1- Cyclic stress methods proposed by Seed and Idriss in 1971.
2- Cyclic strain methods proposed in 1982 by Dobry and colleagues.

3- Energy based methods such as Arias intensity approach proposed by Kayen
and Mitchell in 1997. (Choobbasti et al.2012).

4- Probability based methods
5- Numerical methods (nonlinear total stress and effective stress approaches)

Cyclic stress approach is the most common used method for evaluating liquefaction

potential.

In 1960’s, Seed and his colleagues did extensive experiments on liquefaction initiation
under cyclic shear stress loading. They described Liquefaction potential based on
frequency domain and number of cycles which is called “cyclic stress method”. The
concept of cyclic stress method is rather simple in which seismic load of strong ground
motion characterized by cyclic shear stresses ratio(CSR) against shear stresses of
liquefiable soil which describe liquefaction resistance of soil expressed by cyclic
resistance ratio(CRR). A simplified approach proposed (Seed and Idriss 1971 as cited
in Choobbasti et al.2012) to evaluate cyclic stress ratio (CSR). If the seismic load is
larger than liquefiable soil resistant strength then the liquefaction initiated within the
soil. As illustrated in Figure 3.6, in stress cyclic stress method by evaluating shear
stress due to seismic load against shear stress demand of liquefiable soil the

liquefaction potential depth within the soil can be estimated.
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Figure 3.6 : Liquefaction potential zone assessment by cyclic stress method
(Su.2005).

There are two procedures for evaluating the soil resistance against liquefaction:
1- Laboratory tests on undisturbed soil samples.

2- Semi-empirical methods based on correlations between the free field soil
behavior and in situ tests.

Almost all the metioned techniques for evaluating liquefaction potential have
restrictions and lack of prediction of pore water pressure in a common limitation.
Therefore, numerical evaluation of ground response for estimation of build-up pore
water pressure and shear resistance of soil due to strong ground motion is a an

advantage.

3.3.1 Numerical Evaluation of Liquefaction Potential

In geotechnical area, the liquefaction evaluation and soil response due to earthquake
load gets more complex if soil interact with structures above or below the ground
surface and the conventional methods are less effective to evaluate the soil behavior.
To overcome this deficiency it is essential to use powerful tool that can predict soil

liquefaction reliably.

Finite element method is a promising tool as it developed and improved so fast during
past decades. Total stress analysis and effective stress analysis are the Most common
approaches for evaluating ground response due to seismic loads using finite element

formulation. However, total stress analysis is not proper for evaluation
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e Total stress analysis:

In total stress approach, fluid and solid phases are considered as as unified phase and
the pore pressure generation or dissipation are not evaluated during the seismic

analysis.
o Effective stress analysis:

Effective stress method is based on evaluation of effect of pore water pressure in
dynamic analysis. Effective stress can be expressed by fluid solid fully coupled
formulation which is dependent on the soil constitutive model used during analysis.
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3.4 Post-liquefaction Settlement

Generally, soil deformation in vertical direction can happens by either repeated
consolidation of saturated sand after liquefaction which cause soil to settle or lateral

shear deformation due to lateral spreading.

As described before, liquefiable sand under cyclic loading will lose shear strength due
to excess pore water pressure. The excess pore water pressure tends to dissipate
through drinage paths within the soil which cause the soil to densify and shrink.

Densification of liquefied soil will cause settlement on the ground surface.

Study on behavior of clean saturated sand under cyclic load in undrained condition
(Tokimatsu & Seed.1987, Ishihara & Yoshimine.1992 as cited in Ishihara.1996)
revealed that mass density and notebly maximum shear strain of saturated sand can

affect volumetric strain® in post-liquefaction phase.

They proposed that relationship of volume strain (€y%) and maximum shear strain
(’\{max). (Figure 37)
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Figure 3.7 : Post-liquefaction volumetric strain plotted against maximum shear
strain (Ishihara.1996).

1 The volumetric strain is the change in current volume divided by the initial volume.
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As demonstarted in Figure 3.7, at shear starin about 3% , pore water pressure gets
equal to vertical stress at certain amplitude of cyclic load. Liquefaction onset will be

at maximum shear strain of 2% ~3%.

It is obvious that volume starin continue to increase after liquefaction onset upto about
8%.

The proposed relationships can be estimated by (Yoshimine et al. 2006 as cited in
Idriss & Boulanger.2008):

gy = 1.5-exp (—2.5Dg) - min (0.08, Ymax) (3.3)

Where, Dr and shear strain can be fraction number. The relationship can also be
written in terms of standard penetration resistance (SPT) and cone penetration
resistance (CPT) as:

&y =1.5-exp ( —0.369\/(N1)60m ) - min (0.08, Vimax) (34)

£y = 1.5-exp (2.551 — 1.147 (g1 ves)*2%*) - min (0.08, Yinax) (3.5)

3.4.1 Post-liquefaction Reconsolidation of Sand

Reconsolidation is an action in which excess pore water pressure tends to dissipate and
effective stress between the soil particles start to back to the initial state. In the
reconsoildation process, total vertical stress is not changing because it is combination
of effective stress and pore water pressure at every moment and the change in one of
the pore water pressure and effective stress just transmitted to other one. In
homogeneous soil mass reconsolidation can be considered as unidirectional
phenomena and therefore just vertical stress is considered. Figure 3.8 shows the
diagram of stresses and pore fluid in saturated porous material such as soil.

Reconsolidation is flow through porous media phenomena.Terzaghi suggested a
consolidation relationship between soil particles and pore fluid by principle of mass
balance, Darcy’s permeability relationship and principle of effective stress. Terzaghi
consolidation relationship is based on partial differential equation that variable density
is substituted by excess pore water pressure. In terms of evaluation of reconsolidation

after liquefaction, Terzaghi’s consolidation equation is not proper to be used.
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Figure 3.8 : Schematic of stresses and pore water pressure within the saturated soil.

During reconsolidation the soil mass considered as fully saturated in which soild
particles and pore water are not compressible. Changing the porosity can correlate
with change of effective stress, while, permeability coefficient and shear strength of
soil can be constant although it not proper to evaluate reconsolidation during
liquefaction (Adamidis & Madabhushi,2016).
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4. MECHANICAL BEHAVIOR OF SAND

This Chapter reviews key aspects of the mechanical behavior of sands, with particular

focus on the response under cyclic loading.

4.1 Response of Sand Under Monotonic and Cyclic Loadings

Relative density (Dr%), effective confining pressure and consolidation history of sand
has a significant impact on the typically complicated stress-starin relationship of sand
due to cyclic or monotonic loading conditions (Vytiniotis, 2011; Idriss &
Boulanger,2008).

4.1.1 Response of Sand Under Monotonic Loading

4.1.1.1 Sand Response in Low-strain Condition

Behavior of sand can be considered as an elastic only in really low starins, not more
than 0.001%, while more than 0.001% it will behave completely nonlinear plastic
(Vytiniotis, 2011).

Maximum shear mudulus of sand in elastic state, at point near origin in stress-strain

graph, can be written as:

Gmax = F(e)pln (4.1)
Where, p' is mean effective stress , n exponential power which is between 0.4 and 0.5,
and F(e) is function of the void ratio (e). In table 4.1 some of the proposed function for

F(e) is given.

Table 4.1 : Suggested empirical relations for F(e) function (Vytiniotis, 2011).

Soil type F(e) n Void ratio range Test method
Round-grain Ottawa sand (2.174-e)?/1+e 0.5 0.3-0.8 RC
Angular-grain crushed (2.973-e)%/1+e 0.5 0.6-1.3 RC
Several sands (2.17-e)%/1+e 0.5 0.6-0.9 RC
Toyoura sand (2.17-e)%/1+e 0.5 0.6-0.8 Cyclic TX
Several cohesionless soil 1/0.3+0.7¢? 0.5 NA RC
Ticino sand (2.27-e)1+e 0.43 0.6-0.9 RCand TS
General equation form Gmax=F(e) p™" Gmax=F(e) p™" Gmax=F(e) p™" Gmax=F(e) p™"
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4.1.1.2 Response of Sand in Compression

Response of sand due to large monotonic shear stress is similar despite the different
initial densities used in experiments.(Limiting Compression Curve (LCC), Pestana
&Whittle,1993 as cited in Vytiniotis, 2011)

Sand response can considered as elastic in large compression stress as demonstrated

inloge — log(” /p,,) diagram in the Figure 4.1,

1.00

Compression Curve

' Loose sand p [\—> Limiting

Compression
T | Curve (LCC)
] -
o 4_/3"""
w | Critical State Line (8SL)
o N
v
=) -
"3 Compression Curve
(- Dense Sand
B
(=]
>
0.40
1 1000

Mean Effective Stress, p’/p., (log scale)

Figure 4.1 : Limiting Compression Curve (LCC) and Critical State Line (CSL)
(Limiting Compression Curve (LCC), Pestana &Whittle,1993 as cited in Vytiniotis,
2011).

For mean effective stress less than 200 kPa displacement can be considered as elastic.

However, when the mean effective stress is too high, compression will be inelastic.

4.1.1.3 Response Under Monotonic Loading in Drained Condition

When soil is not saturated it could be undergo volumetric deformation due to shear
stress. As it is shown in Figure 4.2, slippage can occur due to low shear stress at the
beginning of shearing and reduce the void between the particles which result in volume

decrease.
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Figure 4.2 : Process of deformation in sand under shear stress (Vytiniotis, 2011).

By increasing loading the sand particles start rolling over each other which causes sand
to dilate with more displacement and different void ratio (Vytiniotis, 2011).

At this stage, when loading continue, there is no more volumetric or stress change
within the sand which is called “critical state”. The critical state can be represented by
critical state line (CSL) as illustrated in Figure 4.1 which denotes relationship of

different void ratios and confining stresses (Idriss & Boulanger,2008).

4.1.1.4 Response to Monotonic Loading Under Undrained Condition

When there is no diffusion of pore water pressure within the liquefiable soil it can be
assumed as undrained condition.
If the loading imposed in very short time compare the time needed for water to
dissipate, the pore water pressure increases rapidly due to incompressibility of pore
fluid (water). Generation of pore water pressure causes an excessive pore water
pressure within the soil mass and total pressure can be handle more and more with
pore water pressure. As a result vertical effective stress and also shear stiffness of soil
decrease.
Two common laboratory procedures for evaluating saturated sand behavior under
cyclic shearing and undrained condition are:

1- Stress or strain controlled cyclic direct simple shear test

2- Undrained triaxial cyclic test
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The test results from triaxial tests conducted by (Ishihara,1996) for loose and dense
Toyoura sand samples with relative densities 16% and 64% and effective confining
pressure of 0.1 MPa to 3 MPa showed that for axial strain (¢) higher than 25% the sand

samples shows
4.1.2 Response of Sand Under Cyclic Loading

4.1.2.1 Sand Response in Low-strain Condition

Under cyclic loading, the behavior of sand in small-strain (for ycyciic< 0.001) range is
nonlinear however shows very small permanent strains. In saturated sands it has been
shown that there exists a limit shear strain in which no excess pore water pressure
change occurs during cyclic loading below that limit. This elastic behavior of a sand
is well expressed by the secant shear modulus used to evaluate the reduction of the
strength with the number of cycles shown in Figure 4.3. The secant shear modulus
isthe equivalent linear modulus required to reach the same level of shear stress and
strain. Energy dissipation in the non-linear system isdescribed by the damping ratio,

k,that can be evaluated by the following expression:

=L 4.2)

Figure 4.3 : Definition of secant shear modulus, Gsec, and damping ratio &
(Vytiniotis, 2011).
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Due to the nonlinearity of the stress-strain curve, both Gsc and & are dependent
strongly on the maximum amount of the cyclic shear strain. In current practice, it is
customary to present the variations of Gsec and & Vvs. Yeyclic in terms of normalized shear
modulus (Gsec/Gmax VS. Yeyelic) and damping ratio curves (& Vs. Yeyeiic). Figure 4.4 shows
the degradation of modulus and damping for Toyoura sand after 10 cycles of shearing
at an effective stress, a'vo=100kPa. The secant modulus degrades very quickly and

damping increases significantly for events exceeding Yeyclic=10-2%.
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Figure 4.4 : Experimental data for the: (a) degradation of G/Gmax VS. Yeyelic (D) & vs.
Yeyelic curves for dry Toyoura sand (Vytiniotis, 2011).

4.1.2.2 Sand Response Due to Cyclic Loading

Continuous reduction of strength during undrained shearing, shows the tendency of a
sand to behave more contractive during loading. Liquefaction state refers to the
condition in which large deformations occur and almost zero shear strength are
observed (during both monotonic or cyclic shearing), when excess pore pressures
changes and approach the limiting condition where Au/c'vo approaching 1.0.
Liquefaction resistance of sand depends on several features, including the number of
cycles, amount of cyclic shear stress, relative density of soil, confining pressure, initial
hydrostatic pressure and consolidation history.
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Figure 4.5 shows typical results for the response of a dense sand in constant volume
simple shear experiments. Figure 4.5(a) shows the effective stress path of the
specimen. The test is performed with constant Cyclic Shear Stress Ratio, CSR =
1/c'v0=0.4. As the number of load cycles increases, the vertical effective stress is
reduced in order to maintain constant volume (i.e., Ac'v/c'vo = -Au/c'vo). For number
of cycles more than 10-15, the shearing cycles reach a lowest effective stress level

because phase transformation causes effective stresses to increase.
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Figure 4.5 : Typical response of sand in constant volume for Undrained Direct
Simple Shear test (gingery, 2014).
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5. FINITE ELEMENT MODELING

5.1 Introduction

In geotechnical earthquake engineering, nonlinear finite element analysis generally is
carring out for complex geometries and sophisticated soil constitutive models.
Excistance of too many number of degree of freedoms due to large soil domain and
interaction between fluid, soil and embedded structure under drained or undrained
condition need more precise formulation and computation effort to evaluate complex

behavior of multiphase porous media.

Many efforts have been made to provide efficient numerical formulation that can be
used as unified approach to solve soil as porous media. The efforts was based on
developing formulation for elements that can overcome volumetric locking in
incompressible multiphase media, have better flexural resistance and less effected by

distortion during analysis.

In 9141 Biot proposed governing equations of multiphase porous media under quasi-
static condition and later on he proposed an improved formulation for dynamic
condition (Zienkiewicz & Shiomi.1984, McGann.2013).

Due to complexity of fluid-soil-structure interaction (FSSI), the analysis would be so
sophisticated to be handle by conventional and experimental methods. Therefore, by
implementation of nonlinear fully coupled effective stress finite element analysis it is

possible to achieve this goal.

Effective stress analysis of ground response due to liquefaction consists of three key
aspects:

e Proper soil model that can capture cyclic loading effectively.

o Explicit fluid-solid fully coupled formulation to capture interaction between

solid phase,pore fluid and embedded structure.

¢ Reliable and more accurate numerical approach such as finite element-finite
difference method, finite element-discrete element method and material point

method even there is low effective stress magnitudes.

The accuracy and reliable results of numerical analysis are mostly governed by

characteristics of ground, the method for finding soil parameters from in-situ or
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laboratory experiments, proper soil constitutive model and characteristics of input
motion. Therefore, difficulty in accurate estimation and evaluation of any of these

factors will led to an inaccurate results.

During fully coupled effective stress finite element analysis mechanical parameters of
cohesionless saturated soil and underground structure during gavity and seismic
analyses can be evaluated more precisely in which it emphesizes that fully coupled
effective stress analysis is an effective approach to predict soil liquefaction phenamena
and underground structure response during earthquake. Previous implementations of
numerical analysis and comparison to shaking table tests have been proved that
numerical analysis is capable of simulating all saturated soil characterictics, Bao et
al.2017.

In this study finite element model implemented in open-source code software
OpenSees developed by Pacific Earthquake Engineering Center (PEER). OpenSees
platform is capable of simulation and analysis of 2D and 3D soil structure interaction
under static and dynamic loadings. Opensees also has capability to simulate soil

linearity and nonlinearity under drain and undrained conditions.

To investigate the seismic performance of tunnel, the tunnel assumed to be buried in
two layer soil profile consisting of loose sand overlaying a medium dense sand as
demonstrated in Figure 5.1. the detail of soil constitutive models and calibration will

be provided in the next chapter.

|:| loose sand
D dense sand

Figure 5.1 : Schematic of overall soil profile for finite element modeling.
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Furthermore, in this chapter fluid-solid fully coupled plain strain finite element
formulation in Opensees following by implementation and modeling of rectangular

tunnel in liquefiable soil will be explored in detail.

5.2 Fully Coupled Fluid- Solid Multiphase Formulation in Opensees Platform

Behavior of saturated soil as a multiphase continuum can be describe by interaction
between soil particles and pore fluid. Fully coupled effective stress principle is based
on coupling pore fluid and soild phase interactions in saturated soil. After Biot
proposed formulation for flow through porous media, different numerical formulation

and approaches proposed to include pore pressure degree of freedom into formulation.

Zienkiewicz and Shiomi,(1984) categorized fully coupled fluid-soild formulation for

saturated or partially saturated soil in 3 different approaches:

u-U element formulation, u-p-U element formulation and u-p formulation
(McGann.2013).

U degree of freedom in u-p-U which represent the full coupled system of equations is
the relative acceleration of fluid and solid. u-U is the simplified u-p-U system of
equations which consider fluid as an incompressible material. u-p formulation is

simplified u-p-U formulation by neglecting U degree of freedom.

The formulation is established based on the following assumptions:

Small deformation with neglecting rotational degree of freedoms.

Constant density for both fluid and solid

Constant porosity

Solid phase considered as incompressible material.
e Both pore fluid and solid particles have the same acceleration.
The u-p formulation is consist of two principles:
1- General equation of motion adapted for coupled soild and fluid.

2- Conservation of mass principle for fluid phase following darcy’s law.
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Vo' +pd)—pli—g)=0 (5.1)

p k
Voaat+ -+V- | —(Vp—pi+pe | =0
Prg '

Q (5.2)

Where,

o’ is effective stress tensor, p is pore pressure, o is second-order identity tensor, p is
density, u is displacement vector of the solid phase, g is gravity acceleration vector, Q
is undrained bulk modulus, K is hydraulic gradient tensor,pf is fluid density, g is
gravity acceleration, V is gradient operator, V - is divergence operator and dot is

derivative in terms of time.

The governing formulation can be written as

MU+ j B'o'dQ+ Qp—1*=0
0 (5.3)

Q"U+Sp+Hp—fr=0 (5.4)

Where, M is mass matrix, U is displacement matrix, B is strain-displacement matrix,
¢’ is effective stress vector, Q is discrete gradient operator coupling the solid and fluid
phases, p is pore pressure matrix, H is permeability matrix, S is compressibility

matrix, fs is body force and f; is boundary conditions matrix (Yang & Elgamal.2002).

In the following section a brief expression of the u-p fully coupled fluid-solid
formulation and their governing equations and solutions will be explored in more
detail.
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5.2.1 Governing Equations for Fully Saturated Behavior with a Single Pore
Fluid

The effective stress principle , Jeremic.2001, can be described by

And incremental constitutive function is

do_ij = Eijkf (CIEM - (-'}-IE.[I:I) (56)

Due to small strain hypothesis, the increments in strain, dei , for the soil can be

evaluated in terms of displacement increments, du; , as follow

1
dei; = 5((3&,;_3- + du;;) 57)

The overall equilibrium or momentum balance relation for the soil-fluid mixture can

be then written as

Tijj — Pl; — ,{)f['fi:-‘z— + w; ti.?,;_j] + pb; =0

(5.8)

where bj is the body force acceleration. The underlined term refers to the acceleration

of the fluid, written in Eulerian terms and including the relative convective term.

The second equilibrium equation ensures the momentum balance of the fluid, written

as

R; iy W
—p;i — — — pri; — pelw; + wiw; il /n+ psbi =0
n

(5.9)

in which Rj represents the viscous drag force? which, assuming the Darcy seepage law,

can be written as

& = k>tws  or = k7w,
= k7 w; = );

n (5.10)

where kij represents anisotropic hydraulic gradient coefficients of darcy’s law.

2 When laminar fluid flow streams around a block, it exerts a viscous drag on the obstacle. Frictional
forces accelerate the fluid backward (against the direction of flow) and the obstacle forward (in the
direction of flow).The viscous drag force increases linearly with the speed of the fluid.
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The equation for conservation of flow can be defined as

) )
w; ; + ag;; + }— + '-'.i.-‘{—f + 8o =10

@ (5.11)
Where,
1 _n +(x—-'n. Ei_'_ l—n
Q K, K. EK; K, (5.12)

5.2.2 Fully Coupled Equations Solution
A Modiflcation of variables is introduced. In place of the relative displacements of the

fluid wi; the total displacement of the fluid Ui is

Ui=u; + &
n (5.13)

Then the equation of the solid skeleton equilibrium becomes

¢

Oiys = (@ = mp;+ (L= )by — (1= n)pyiis + Ry =0 (5.14)

17,7
The second equation will simply be [n £ (3:5)], i.e.,

"i} i

) + prji; ; + npsb; =0

—np; — R; —npy(it; + }
P, f n U (5.15)

It is known that Ui=(ii+Wi/n and by removing the term Wwjwij,
—np; +npsb; — "-"-"ﬂfrji —R; =0 (5.16)
The main unknowns ui, Ui, and p can be approximated by using shape functions as
u; = :\}L{ &I{ i
E.)'Tf = “\’;‘é E'TI{ i
— N*Pr.— )
P NVKPK (5.17)

After some algebraic computations the system of discretized equations reads
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M, 0 0 i C: 0 -C u KEP -G, 0 u f
0 0 0 Fl+| 0o 0 o il+ler p cl||5|=|7
or
(M)kiz 0 0 Ur; (COrijz 0 —(C)kijL Urj
0 0 0 oL |+ 0 0 0 PL
0 0 (Mpxyr | | Ui ~(Crix 0 (Coxir | | Usy
(KEPVkij. —(G1)kir 0 Ur; (fo) ki
+ (G1)Lix (P)kr  (G2)rjx e | = | (F)x
0 —(G2)kiL 0 UrL; (f7) K (5.19)
Or can be desribed as the general equation of motion
Mx + Cx + Ku = f(t) (5.20)

Where,
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P

(fa)re = f.\_{':(Jf?:i{fii
a " (5.21)

Nu; Np; NU are shape functions of the skeleton fluid and pore pressure. The
expressions ; %os; %of are the density of the total, and the solid and fluid phases,

respectively. The porosity n, is used in the definition %o = (1 | n)%os + n%eof.

5.2.3 Large Deformation Fully Coupled Formulation

The formulation of fully coupled fluid-solid effective stress withinthe opensees
platform is able to capture large deformation characteristics. Also the compressibility
and incompressibility of fluid phase can be captured as well during computation
procedure. Coupled eulerian-lagrangian method is used to develop governing

equations.
The soil mass assumed as lagrangian and pore water formulated as eulerian domain.
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It is shown that the multiplicative breakdown of the deformation gradient, utilized in
the large deformation elastic-plastic formulation for solid phase, can be used to
precisely control the volumetric response of the fluid phase. The fluid content is
decomposed additively. The basic unknown variables are the absolute displacement of
solid phase (ui), pore pressure (p), and relative displacement of fluid phase (Ui). The
strong form is based on the Equation of Motion (3.18), Fluid Mass Conduction (3.19),
and Fluid Mass Conservation (3.20)

P+ (ro +m)b; — pi(1 — n)ii; — (m + plt n)U; =0

(5.22)
J'n..Fz.J‘.lf,'-'} + kij [p_j - ,OﬂFi_jbi - pﬂﬂjm - prFjjﬂ.ij| =0 (5.23)

. n (1=n)\ . ) 1y 1
(1—n)E;p" + (?ﬂ - X ) (p+ pitis) + Jp''n (Fz-jlr/';_}' + FU_}L-,;) =0 (5.24)

where the following notation is used: Pij = First Piola{Kirchhofi stress tensor; ro =
Mass density; m =, Fluid mass content per initial volume; bi= Body force; %os o= Initial
mass density for solid phase; %ofi o = Initial mass density for fluid phase; n = Porosity;
Fij = deformation Gradient; J = Jacobian of the transformation J = det Fij; kij =
Permeability tensor (anisotropic); %ofi = Current mass density for fluid phase; ai =
Tortuosity vector; Dkm = Lagrange strain rate; Eis = Lagrange strain tensor; Ks = Bulk

modulus of the solid phase; and Kq = Bulk modulus of the fluid phase.
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5.3 Numerical Stability Fully Coupled Fluid-Solid Effective Stress Analysis

Stability of nonlinear dynamic analysis computation depends on two important factors:
1- The distance between nodes in the mesh (element size, Ah)
2- Analysis step time (At)

Ah and At by approaching to zero, the numerical analysis results get more accurate and
precise, therefore, by estimating proper values of Ah and At demanded accuracy can

be achieved.

5.3.1 Mesh Geometry and Element Size (Ah)

Computation cost is dependent on density and element size of elements. Although
larger number of elements increase, the computation time but on the other hand it
increase the more accuracy in results and avoid element distortion, which might

happen during analysis.

There are many methods available in literature such as adaptive mesh method, which
is finding the optimum element size based on the existing computation capability.
However, mesh geometry is dependent on frequency contents of ground motion’s
shear waves and the mesh size of soil domain should be adequately fine to certain
element numbers adjusted in wavelength of shear wave and be able to capture the high

frequency content of ground motion.

According to (Zhuang et al. 2015), the maximum size of mesh element hmax for the

shear wave motion propagating through the soil media can be define as follow:
1 1
hﬂ'!ﬂ.{' = (% - m) V.!‘ firm.r (525)

Where Vs is the shear wave velocity, which can be represented by

Go = qVs2, and q is the mass density of the soil. fmax is the maximum frequency of the

ground motion.

Kuhlemeyer and Lysmer (1973) suggested that to avoid distortion of transmitting wave
the size of elements of mesh for numerical simulating of seismic wave propagation
should satisfy (as cited in Lu.2016):
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Al < 110 ~§ (5.26)

Where, Al is the dimension of mesh element in vertical direction and A is the

wavelength of the maximum frequency content of ground motion, which is defined as:

A= (5.27)

v
f
Where, v is shear wave velocity and f is frequency.

From equation of (x.x) it is obvious that before meshing the soil domain the role of

frequency content should be considered for limited element size range.

For ground motions, which have larger frequency contents, smaller size of mesh

should be provided and in that case increase computation time.

The meshing in model established by considering desired frequency cut-off range

between 0.1 Hz and 100 Hz. According to equations (x.x) and (x.x), it can be written:

A—U—ZSO—ZS
~F 100 ™

Maximum mesh size % = % =0.3125m

Figure 5.2 shows the maximum element size considered for simulation.

Nine-four nodes

/ quadrilateral U-P

. loose sand

Al=0.3m< £ D dense sand

0.3125m

Figure 5.2 : Maximum element size in vertical direction for meshing.

A nine-four nodes quadrilateral U-P plane strain element was used for soil domain.
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A nine-node quad U-P element layout is demonstrated in Figure 5.3. The corner nodes
have 3 degrees of freedom (two translational degree of freedom and one for pore
pressure) and the interior nodes have two translational degrees of freedom. The nodes
numbering is according to the Cuthill-McKee pattern (Cuthill et al.1969).

ID lateral shear

7 .

Pervious

O Fluid node

@® Solid node

@ 2m

Impervious

* —

e
9_4_q uadUP J’ Fixed a;:ln lmpcrw-:its

Figure 5.3 : Typical schematic of nine nodes fully coupled quadrilateral plain strain
element (Yang & Elgamal.2002).
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5.3.2 Time Step (At)

For stable time step during analysis, Courant-Friedrichs-Lewy (CFL) condition was
used to ensure that formulation is stabilized for converging in terms of shear wave
velocity and element size of the mesh. The algorithm for CFL condition implemented
in tcl code as follow:

Computation in explicit scheme is much faster than implicit scheme. However, it
may not converge during computation. To overcome this issue in finite element-
finite difference analysis the following Courant-Friedrichs-Lewy (CFL) condition

can be used to stabilize the step time during analysis:
f<1/H/p/L (5.28)
At <L/(|E/p) (5.29)

Where, L is the element size, E and [ are elastic modulus. Note that, \/% is shear

wave velocity, which represent one wavelength, should be at least 10 times bigger
. . : : ; y)

than element size, as mentioned in pervious section (4l < E)'

Depend on frequency content of ground motion and soil properties proper element

size and time step can be estimated.

#-—--DETERMINE STABLE ANALYSIS TIME STEP USING CFL CONDITION
# maximum shear wave velocity (m/s)
set vsMax SVs (1)
# duration of ground motion (s)
set duration [expr $motionDT*S$motionSteps]
# trial analysis time step
set kTrial [expr $sizeEleX/ (pow ($vsMax,0.5))]
# define time step and number of steps for analysis
if { SmotionDT <= $kTrial } {
set nSteps SmotionSteps

set dT SmotionDT

} else {
set nSteps [expr floor ($duration/$kTrial)+1]
set dT [expr S$duration/$nSteps]

}
puts "number of steps in analysis: $nSteps"
puts "analysis time step: $dT"
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In this algorithm, time step and number of steps generated automatically. For time
step generated by algorithm larger than time step of input motion, the time step of
ground motion is selected. $vsMax value should be updated if bedrock has smaller

shear wave velocity due to any change in soil profile.

5.4 Soil Constitutive Models

Sand mechanical behavior is dependent on many factors such as grain size distribution
and shapes, relative density, consolidation history and degree of saturation, which
make it so complex to be described in unified way. Many efforts have been done by
scholars to express the sand behavior under monotonic and cyclic loads. Sand
mechanical behavior can be totally change due to change in any factors mentioned
above. Failing response of saturated cohesionless loose sand under cyclic load and in
undrained condition may emerge as cyclic mobility or flow liquefaction due to the
relative density (Dr %) of the loose sand (Zhang et al,2011)

In geotechnical engineering, most of the monotonic and cyclic constitutive soil models

are based on three important aspects:
e Yield surface generation of model
e Plastic associate or non-associate flow direction

e Developing proper softening and hardening rule with function that can define
yield surface evolution and plastic flow direction in terms of inelastic strains
(Jeremi¢ & Yang.2002).

5.4.1 Cyclic Mobility Behavior

In saturated sand when volumetric strain gets larger, the sand tend dilate and expands
in volume. This expansion will cause the pore water pressure to decrease and effective
stress come back to intial state which led to increase stiffness of soil deposite.

During cyclic loading with large amplitude, changing saturated sand volume from

expansion to contraction and vice versa can be described by changing phase which is
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called Phase Transformation Surface (PT) as demonstrated in Figure 5.5. Shear starin
increases gradually during each cycle of loading through phase transformation which
is defined as Cyclic mobility or cyclic liquefactionbehavior (Gingery,2014; Elgamal
et al,2003 ).

5.4.2 PressureDependentMultiyield (PDMY02 and PDMY) Constitutive Models

The PressureDependMultiYield (PDMY) and PressureDependMultiYield02
(PDMY02) soil constitutive models are multiyield surface elasto- plastic models,
which proposed by Yang et al.2003, Elgamal et al.2002 and Elgamal et al.2003, have
been used for modeling frictional saturated sand behavior under both monotonic and
cyclic loading during drained and undrained conditions. The PDMY and PDMY02 are
capable to evaluate contraction and dilation behavior of saturated sand simultaneously
with generation excess pore water pressure during cyclic mobility. These models
implemented and available in Opensees platform. More detail insight into PDMY and
PDMY 02 constitutive models given in following sections.

5.4.2.1 Yield Function

Material has elastic behavior following by plastic behavior. The elastic behavior is
considered linear and isotropic while it is assumed that the nonlinear and anisotropic
behavior is due to plasticity.

The yield function as illustrated in Figure 5.4 is defined as:

f==[s—@ +pal:[s— @ +py)al —M*(p' +py)> =0  (5.30)

N w

Where,

In the space where p’ > 0, s = g’ — p’§ is deviatoric stress tensor;
o' is effective Cauchy stress tensor

& is second-order identity tensor; p’ is mean effective stress

a is a second-order deviatoric tensor representing the midpoint of yield surface in the

domain inside deviatoric stress, p,’ is a small positive constant (generally, 0.1 kPa)

M is size of yield surface and ":" indicates product of tensors.
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3 i
o 293

Deviatoric plane

Figure 5.4 : Schematic of conical yield surfaces in principal stresses and deviatoric
plane (Elgamal et al (2002); Elgamal et al, (2003); Yang et al, (2003)).

Generally hardening within the multiyield surface plasticity framework is expressed

by identical yield surfaces with an equivalent peak at —p’, on hydrostatic line.

Friction angle of soil (¢), governs the size of largest surface, donated byM;, which is

considered as failure surface.

Shear stress

>

Shear stress

Figure 5.5 : Shear stress-shear strain and shear stress-effective confinement pressure
responses of pressure dependent constitutive model.
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5.4.2.2 Flow Rule

By considering a proper definition of non-associate flow rule according to plasticity
theory (Elgamal et al,2003), the phase transformation between contraction, or dilation,
with shearing stress can be captured accurately.

P is flow direction of plasticity and P is the volumetric measure of plasticity flow
which is nonassociative and govern the adaptivity of flow rule to phase transformation
according to experiment results. According to Elgamal et al, 2003, P"can be defined
as:

_ =@/,

3P"— —
1+ (m/n)

(5.31)
Where, = \/(3/2)s:5/(p’ + p,') is defined as effective stress ratio, 77 is component
of material which representing stress ratio of phase transformation surface, ¥ is a
function which governs amount of contraction and dilation. If 77 > 7 the stress remain
inside phase transformation surface and if f 7 <n the stress exceed phase
transformation surface. n is increases and decreases during loading and unloading

respectively (Elgamal et al,2003).

At very small confining pressure the behavior of saturated sand during cyclic loading
under undrained condition can be describe in three main stages based on general stress-
stain relationship as illustrated in Figure 5.5 (Elgamal et al,2003):

1- When the shear strain is small saturated sand tends to densify volume which
led to excess pore water pressure generation and causes the effestive stress to
reduce.

The space inside phase transformation surface from point 0 to 1 in Figure 5.5 is where
contraction occur regardless of applied stress condition. The function which govern

the amount of contraction (V) is assumed to be in the form of:

P
¥ = ¢ e% (5.32)
Where,

2- As described before, during transformation phase from contraction to dilation
and vice versa, at certain point during cyclic shear stress there is significant
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change in strain while shear stress increased or decreased small. (1-2, 5-6, 7-8
in Figure 5.5).
In the soil constitutive model this changing phase can be described separately by an
assumed function fitting the general shape of curvature. In PDMY and PDMY02
models proposed by Elgamal et al,2003; Elgamal et al,2002;Yang et al,2003, they
defined this phase as:
Yy = Y1+ Y2Vt (5.33)

Where, y = Ee: e is octahedral shear strain, e is deviatoric strain tensor and "

indicates product of tensors.
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5.5 Input Ground Motion Selection and Processing

Ground motion characteristics and seismic demands can be established from database
obtained from accelerographs recordings. However, these acceleration time histories
data are raw, which may needed to be processed to be able to use in numerical analysis.
When analogue record from analogue accelerograph converted to digital, for
processing in computer, there is a shift in the baseline. Figure 5.6 demonstrates a
shifted baseline in record during Italy earthquake in 1979 as an example. In similar
manner, baseline can be shifted in the records from digital accelerographs due to

frequency instrumental sensitivity (Boore & Bommer.2005).

(| :
0.05 |,
0 ? 'll:r.lfJ:fl:_lll-llln::':-!'!'rl'l=_l".m"l_:'..‘.~-.- T it St i I

i
-0.05

Acceleration (g)

Welocity (cm/s)
[

Time (s}

Figure 5.6 : NS record of the 1979 Italian earthquake at Nocera Umbra station,
baseline shifted at 5.6 and 8.3(s) (Boore & Bommer.2005).

This shift in baseline is due to signal noises and they should be removed from the

record through some proper procedures.

Most common methods to overcome this issue are Baseline correction, High-pass
filtering, Low-pass filtering, Band-pass filtering. Raw ground motion data, no matter
acceleration or velocity time history, can cause inaccurate results during dynamic

analysis.

Integration of uncorrected acceleration record may led to none zero value for velocity
and displacement histories at the end of ground motion duration, when earthquake

stopped. Baseline correction can reduce this error by approaching in velocity and
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displacement histories to zero after excitation. More detail about baseline correction
and signal processing of ground motion can be found in Boore & Bommer (2005).

For this study, 1995 Kobe earthquake was selected as an input ground motion. The
detail of horizontal component of Kobe earthquake illustrated in table 5.2, Figure5.7
Figure 5.8, Figure 5.9, Figure 5.10, Figure 5.11, Figure 5.12 and Figure 5.13.

Table 5.1 : Detail of horizontal component of 1995 Kobe earthquake.

Earthquake name Kobe-Japan
Year 1995
Station name HIK
Magnitude Row C
Mechanism Strike slip
Rjb (km) 95.72
Rrup (km) 95.72
Vs30 (m/sec) 256
Lowest usable frequency (Hz) 0.0625
5-75% duration (sec) 6.1
5-95% duration (sec) 17.4
Arias intensity 0.4
0.65
0.45
0.25
0.05
0 5 10 s 20 25 30 35 40 45 50 55

-0.15
-0.35
-0.55
-0.75

-0.95

Figure 5.7 : First 60s of horizontal component of 1995 Kobe earthquake.
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Maximum Acceleration: 0.834g
at time t=8.480sec

Maximum Velocity: 0.911misec
at time t=8.280sec

Maximum Displacement: 0.212m
at time t=8.480sec

Vmax / Amax: 0.111sec

Acceleration RMS: 0.060g
Velocity RMS: 0.071m/sec
Displacement RMS: 0.020m

Arias Intensity: 8.393m/sec

Characteristic Intensity (Ic): 0.181

Specific Energy Density: 0.760m2/sec

Cumulative Absolute Velocity (CAV): 21.727misec

Acceleration Spectrum Intensity (ASI): 0.723g"sec
Velocity Spectrum Intensity (VSI): 4.113m
Housner Intensity: 3.631m

Sustained Maximum Acceleration (SMA): 0.641g
Sustained Maximum Velocity (SMV): 0.537m/sec

Effective Design Acceleration (EDA): 0.817g
AZS parameter: 0.824g

Predominant Period (Tp): 0.360sec
Mean Period (Tm): 0.644sec

Figure 5.8 : 1995 Kobe earthquake parameters.
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Figure 5.9 : Fourier amplitude versus frequency contents of 1995 Kobe earthquake.
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Figure 5.10 : Fourier amplitude versus period of 1995 Kobe earthquake.
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Figure 5.11 : Elastic acceleration response spectra of 1995 Kobe earthquake for 2%
and 5% damping ratio.

92



— Damp. 5.0%
— Damp. 2.0%

Response Acceleration [g]

1 2z 3 4 5 6 7 8 9 10 11 12 13 14 15 16 A7 18 19 20 21 22 23 24 25
Frequency [Hz]

Figure 5.12 : Elastic acceleration response spectra versus frequency contents of
1995 Kobe earthquake for 2% and 5% damping ratio.
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Figure 5.13 : Arias intensity of 1995 Kobe earthquake.

High-pass and band-pass filtering are the main efforts in processing the ground motion
signal for liquefaction. Liquefied soil can increase amplification of long duration
records due to softening behavior. In order to processing the raw acceleration record
for removing the noise and baseline correction, if there is, the correction implemented
in SeismoSignal. Since the Kobe earthquake record retrieved from Pacific Earthquake
Engineering Research Center (PEER) database and it has been already baseline
corrected there was no need to correct the record. However to consider the effect of
frequency contents of ground motion on the tunnel in liquefiable soil, band-pass
filtering implemented in SeismoSignal for frequency contents between 0.1Hz-10Hz
and 0.1Hz-25Hz. The difference of Fourier amplitude spectrum between two different

band-pass intervals are demonstrated in Figure 5.14.
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Figure 5.14 : Fourier amplitude versus frequency contents of 1995 Kobe earthquake
for 0.1-10Hz and 0.1-25Hz Band-pass Filtering.
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5.6 Boundary Condition

Efficient boundary condition can led to more accurate and precise results in finite

element analysis especially for soil domain.

In practice, due to limited capability of computers and time of computation it is
common that in finite element modeling only small segment of ground soil under
ground motion considered in analysis, and the effect of eliminated soil domain should
be taken into account by simulated boundary condition. In gravity analysis, boundary
condition can be fixed without effecting the accuracy of results. However, in dynamic

analysis, results can suffer from reflection of ground motion wave within the domain.

The easiest way to reduce this effect is to extend soil domain horizontally and

vertically that it takes some time for seismic wave to reflect from boundary.

By extending the soil domain the effect of wave reflection within the soil can be
reduce. However, it should be noted that extension should be enough that not affect
the computation cost.

Generally, there are three common methods for providing simulated boundary

condition in practice:
e Absorbing boundary condition
e Free-field boundary condition

e domain reduction condition

5.6.1 Absorbing Boundary Condition

As mentioned in previous section, accuracy of analysis depend on element size, less
than 12.5% of wavelength of input motion. It is also needed to reduce the soil domain
due to computation cost may arise during large analysis domain. However, by
decreasing the soil domain the effect of boundary condition and treatment of wave
propagation within the soil becomes more important as ground motion wave tends to

reflect toward the soil domain.

The equation of 1-D shear wave propagating within the soil can be described as:
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é“zu(x,t) 2 ('Bzu(x,r)

5

ot Toox” (5.34)
Where, u represent displacement of soil and vs=Gp is shear wave velocity.

Eq.5.34 can be solved as:

u(x,t)=u (t——)+u,(t+-)
Vs Vs (5.35)
Where, ur and ui could be any assumed functions. The first part on the right hand side
of Eq.5.35 is wave propagation with velocity vs and second part defines wave
propagation with similar velocity vs in positive and negative x directions respectively.

By taking partial derivative of Eq.5.35 respect to t and multiply by pvs , it can be

represent as:

Ou(x,t ' .
pv, Ou(x,1) = pvau, (t —x/v,)+ pvu,(t+x/v,)
ot (5.36)

Then, shear stress-strain relationship of linear elastic can be expressed as:
ou(x,t) G

——u;_ (t—x/v,)+ Eu;(a‘ +x/v,)
Vg v, (5.37)

r(x,t)=G

0

Where, t represents shear stress. By adding equations (5.37) and (5.36), it can be
written as:

r‘ i
D) L 2 o !t +x/v,)

r(x,t)=-—
(1) - ot (5.38)

5

ou(x.t)

The term —pv; is the force per unit area of a dashpot with coefficient pvs and

2pvgu’; (t + xvg) is force per unit area related to shear wave velocity. Therefore, the
nodes at the boundary can be replaced by dashpots representing the above conditions
(Zhang et. al, 2003).

To simulate the effect of underlying elastic half-space on soil domain, different
methods proposed such as absorbing boundary condition which is also called periodic

boundary condition or transmitting boundary condition.

Absorbing boundary condition firstly proposed by (Lysmer & Kuhlemeyer.1969 as
cited in Lu.2016) based on above explanation for deriving eg.sa.sa.
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They used dashpots with viscous material to absorb the ground motion wave in the
normal and shear directions. These dashpots provide viscous normal and shear forces,

denoted respectively by ¢ and 1, given by:
6=—p VpVn (5.39)
T=—p VsVs (5.40)
Where,

Vp is dilatation velocity; Vs is shear wave velocity; v is normal vector of velocity and

Vs Is tangent components of the velocity.

This method works very well when the angle of incidence of shear wave velocity
against dashpot direction is larger than 30° (Lu.2016).

This method is simple and practical for implementation in nonlinear dynamic analysis
to damp out energy of reflected seismic wave but it should be paid attention that before

dynamic analysis, gravity analysis has to be carried out.

In absorbing boundary condition using Lysmer and Kuhlemeyer (1969) approach
instead of applying acceleration as an input ground motion, a force, related to shear
wave velocity of input ground motion and material parameters outside of soil domain,
is applied to relate the compliance between soil domain and the unbounded area. For
instance, Elgamal et al. (2008) used this technique to provide dashpots in three
directions at all the base nodes of soil domain for simulation of underlying elastic half-

space behavior (as cited in McGann.2013).

5.6.2 Free Field Boundary Condition

Absorbing boundary condition, which can dissipate reflected wave, should be
modified when the seismic wave propagating from external media toward the soil
domain. Zienkiewicz et al. (1989) and Wolf (1988) suggested free-field boundary
condition where additional two separate soil columns can be provided at both sides of

soil domain as demonstrated in Figure 5.15.

The free-filed columns and soil domain are computed simultaneously. Despite the fact
that in 2D plain strain finite element the thickness of soil domain elements are
considered small to represent plain strain conditions, the thickness of free-field

columns should be large enough to simulate the behavior of unbounded media. In this

97



approach, free-field column can transfer seismic wave effects toward soil domain and
not vice versa. Therefore, fluid-soil-structure interaction has little effect on behavior

of free-field soil columns provided that be far enough from embedded structure.

soil layers
ground water table . - - = X
/ free—field column | Esilt [Jloose sand .slll st [Wldense sand [l dense sand [l sandy gravel I free—field column

z—l 1 . Puget Sound \

T—

elastic half-space

Figure 5.15 : Schematic of example free-field boundary condition (McGann &
Arduino, 2011).

In other words, dimension of soil domain is better to be large enough that displacement
of nodes at left and right side boundaries can be assumed as free field displacement.
Despite the absence of absorbing boundary condition, Free-field boundary condition
approach alone can properly simulate the effect of soil material nonlinearity and lower

relative density of soil domain against bedrock.

In this study absorbing boundary condition proposed by Lysmer & Kuhlemeyer.
(1969) is used to simulate the behavior of underlying bedrock by providing dashpot at

base.

A “zeroLength” dashpot element provided with viscous material to absorb the
reflected seismic wave. One end of the dashpot fixed in horizontal and vertical
directions, while, the other node can move simultaneously with node at bottom left

corner of soil domain. Uniaxial viscous material defied for the dashpot coefficient

# define dashpot material

set colArea [expr $sElemX*$thick (1) ]
set rockVs 760.0
set rockDen 2.5

set dashpotCoeff [expr $rockVS*$rockDen]
uniaxialMaterial Viscous [expr S$numlayers+1] [expr $dashpotCoeff*$colArea]l 1

Nodes at the bottom of model fixed in vertical direction and constrained together to

move simultaneously in horizontal direction (equalDOF) to behave similar to elastic
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half space layer under soil domain. Node at left lower corner of soil domain is
considered as master node and the rest of base nodes are slave nodes. For simulating
the drainage condition and dissipation of pore water pressure, at ground surface, third
degree of freedom of corner nodes of soil elements (Nine_Four_Node QuadUP) were
fixed at element’s corner nodes in surface level, which let the water to dissipate freely

through the ground surface. The detail of model demonstrated in Figure 5.16.

— \ - >

t T i =

[ om |

"1
5.6m I L1 . loose sand

. D dense sand

Figure 5.16 : Detail of soil profile, dimensions and boundary condition.

5.7 Analysis Procedure

In fully coupled fluid-solid effective stress analysis, before dynamic analysis it is
essential that hydrostatics pore water pressure and effective stress distribution within
the soil be initiated and evaluated. For this reason, transient gravity analysis performed

to ensure that initial state condition established.

The pore water pressures obtained from gravity analysis were used as initial values for

dynamic analysis.

To avoid conflict between result of gravity analysis and dynamic analysis and reduce
the difference between end and initial steps for gravity and dynamic analyses
respectively, dynamic analysis conducted with zero excitation values for a very short

period.
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The soil structure interaction (SSI) and excavation procedure is not considered in this
study therefore, the initial stress within the soil and structural elements may not be

captured precisely.

5.7.1 Transient Gravity Analysis and Corresponding Results

As mentioned before, prior to effective stress seismic analysis, in the first stage
transient gravity analysis established to ensure initial effective stress and hydrostatic
pore water pressure distribution captured properly in equilibrium state within the soil.
Within the code, different recorders provided to separate gravity analysis results from
seismic analysis. Results of stress, strain, displacement, acceleration, and pore water
pressure recorded for each node.

The transient gravity analysis consists of two stage. In first stage, 9 4 nodes_quadUP
element of soil domain assumed to behave linear elastic. This assumption established
by adjusting updateMaterialStage command for PressureDependMultiYield02
material model to behave linear elastic and set up the stage as zero to adapt confining

pressure.
updateMaterialStage -material $tag -stage $sNum

In the second stage, plasticity of constitutive model included for plastic gravity
analysis and stage number updated to one.

In first stage for linear elastic considered to perform as transient instead of static to
reduce the errors that might appear in the situations where static analysis followed by
transient dynamic analysis. At linear elastic stage, time steps considered large enough,
typically 5.0el to 5.0e3, to capture hydrostatic pressure properly and during analysis
it was found out increasing steps will improve the interface results between gravity

analysis and dynamic analysis.

It is a manual evaluation procedure to find out the optimum values for steps to not

effect duration of whole analyses.

Due to difficulty in convergence during second stage, which is plastic gravity analysis,
the time steps for the analysis assumed small enough to achieve convergence and avoid

additional displacements, which may occur due to oscillation of the ground.

The analysis steps in plastic analysis also manually increased to 150 steps to optimize

and reduce difference of interface results between gravity and dynamic analyses.
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5.7.2 Transient Dynamic Analysis and Corresponding Results

As explained in 3.6.1 section, to avoid convergence issue during dynamic analysis an
algorithm added to the tcl/tk code for reducing time step and continuing analysis
without effecting duration of analysis. If there is a convergence problem occur during

analysis, the time step will decrease by half and analysis will continue.

If this procedure is not enough to continue for analysis, a proper initial time step should
be provided at the beginning of analysis. As mentioned before in section X.x the

earthquake ground motion applied as force time history.
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6. SOIL CONSTITUTIVE MODEL CALIBRATION AND SITE RESPONSE
VALIDATION

6.1 Calibration of Soil Constitutive Model

The pressure dependent multi yield (PDMY02) constitutive model which is available
in Opensees platform was used to model loose sand overlaying a medium dense sand
at bottom of the soil realm.

The PDMYO02 constitutive model parameters needed to be calibrated for the specific
site under investigation. In the calibration process the features of stress-strain
relationship path and their correlation which express the yield surfaces should be

considered cautiously.

6.1.1 Yield Surface

Both PDMYO02 and PIMY constitutive models are multi surfaces yield surfaces which
are capable of capturing the post-liquefaction behavior of soil. The form of yield
surfaces are conical with shared cap positioned at the origin of main space. The failure
gauge is expressed by outmost conical yield surface while the inner surfaces represent

hardening zone (see Figure 6.1).

Figure 6.1 : Principle of Multi yield surface soil constitutive model.
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Yield surface is expressed by second invariant (J2) yield formulation which can be

obtained by:

06’41y O12 Op3 ¢y O 0
o' = 021 0"22 O23 | = 0 0"2 0

031 O3; O'3 0 0 o3 (6.1)
Stress invariants can be expressed as:
~1 1y ~r ~1 ~1
I, =tr(@), I, = 5[0 :6' —tr(d)?], I3 = det (") 6.2)
And volumetric stress and deviatoric stress can be written as:
P o'y —p' 012 013
r 0 1+0 2+0'3 ~ ~ 7 ! li
p =" S=0 —pl= 021 O22—P 023
031 032 0’33 —p’ (6.3)
Deviatoric stress invariants are expressed by:
Ji=tr(®) =0 (6.4)
Jo =5 [5:5 — tr(5)%] = ;[5:5] 65)
J3 = det (5) (6.6)

Matching the second invariant to a constant can be represents yield surface. Herein the
constant is MZP'2/3.

J, = M2P'?/3 (6.7)
Therefore it can be obtained:

2[5:5] - M?P? =0
2 (6.8)

By introducing second-order deviatoric tensor (o)), which represents the center of the
yield surface in deviatoric stress subspace, the conical shape yield surface formulation
can be expressed as:

f=2[5—-pa]:[§—pa] —M2P?=0

N w

(6.9)
By considering small cohesion, when the effective confining pressure is near zero,
the yield surface apex shifts through negative confining pressure by P’,...

For cohesionless soil, when there is no cohesion and for satisfaction in numerical
implementation and to avoid vagueness in expressing of normal vector to the yield
surface when confining pressure is zero, the apex is shifted towards negative

confining pressure by a very small positive constant (i.e. 0.01 KPa).
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£= 518 = (' + Prea)®: [ = (0 + Prea)®] = MP(P' + prea)® =0 6
Where, M represents the size of yield surface. It is essential to distinguish the following
descriptions of shear stress:

e The shear stress on the failure plane is represented by t, which is obtained from
triaxial compression test (TXC).

e The shear stress on horizontal plane is represented by o;, = 7, Which is
obtained from cyclic direct simple shear test (DSS).

e The deviatoric stress in three dimensional coordinate in models can be

represented by octahedral shear stress which can be defined as:
1 —
Toct = ﬁ

S!S

1
= 5\/(0'11 —0'32)% + (0'22 — 0"33)* + (011 — 0'33)% + 66127 + 60132 + 60,37
(6.11)

[P

e “q”is an alternative way to represent the deviatoric stress, which is expressed

({2

as (o," — g3") in triaxial compression test. “q” in common form is defined by:

V3 == 3
qz_\/51_5=_T t
2 A (6.12)

6.1.2 Size of Yield Surface, Friction Angle

The size of furthermost yield surface (failure yield surface) dependent on friction angle
which can be evaluated by triaxial compression test (TXC) or direct simple shear test
(DSS). The friction angle of direct simple shear test (DSS) is different from triaxial
compression test (TXC). As it is illustrated in Figure 6.2, triaxial compression test can

be used to find a relationship between size of yield surface and friction angle.
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Figure 6.2 : Schematic of triaxial compression test for obtaining the size of yield
surface.

By definition, the friction angle (¢rxc) is expressed by:

@rxc = tan~! (l)

o (6.13)
According to Figure 6.2 it can be written:
sin(@rxc) = —(0’1 —73)/2
(o'y +0'3)/2 (6.14)
And,
N 1+ s%n (@rxc)
1 — sin (¢rxc) (6.15)

The advantage of a triaxial test is that the axial stress and radial stress are the principal

stresses. Thus, the deviatoric stress (5) can be written as:

pP 0 O
's“=6’—p’T: 0 p 0f=
o's 0 0 p
2(0'y —o'3)
% 0 _(0 1—0'3) 0
0 0 —(0'y —0'3)
(6.16)
Therefore,
&8 = E el 2
S:S 3 (O' 1 (1] 3) (617)

According to Figure 6.3, depending on whether the vertical axis is 7,.; or g, the slope
of the failure surface can be expressed by:

— 1 f( "ot \/i(1+sm(cp-rxc) 1)0,3

m :Toctzﬁ SIS_ V33 _ 3 \1 +sin(@rxc)
oy p’ (0”1 + 20’3) 1 + sin(@rxc)
3 1 + sin(@rxc) t2)o
3

_ 2v2 sin(@rxc)
3 — sin(@rxc)
(6.18)
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Figure 6.3 : Various definitions of shear strain.

Or,

3
g V2o 6sin(@rxe)
mz -_— T -

p’ p' 3 —sin(grxc)

Solving (xw.xw) for @1y results in:

3@
_ 3m1 _ p’
Prxc 2\/2 +m, 224 ‘f;ft

(6.19)

(6.20)

6.1.3 Difference Between Triaxial Compression Friction Angles (@1xc) and

Direct Simple Shear Friction Angle (@pss)

The friction angle obtained from triaxial compression test is different from direct

simple shear test.

The friction angle which is derived from direct simple shear test (¢pss) is computed

on horizontal plane which is not the maximum shear plane. Therefore, the direct simple

shear test friction angle (¢pss) is less than actual friction angle which can be

represented by ¢@rxc in triaxial compression test. The relationship between direct

simple shear test friction angle (¢pss) and triaxial compression test friction angle

@rxc can be retrieved from eq xw.xw as:
Toct _ 2\/§Sin (‘PTXC)

!

p 3 — sin (@1xc)
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Figure 6.4 : Schematic of stresses and friction angle description in direct simple
shear test (¢pss).

As it is illustrated in Figure 6.4, in direct simple shear test, where K, = 1 and g, =

oy’ it can be written:

1 —
Toct = E 5:5
1 ; Y 7 Y 7 R 2 2 2
=§\/(C’ 11— 0'22)%2 + (0722 —0'33)% + (011 — 0'33)% + 60137 + 6073% + 60,3
NG
=—7
3" (6.22)
And,
I G’V"'U,h"'o"h '
= =0
b 3 v (6.23)
Therefore we get the followings:
N
Toct Tth \[6 2\/§Si1’l ((PTXC)
A ?tan((PDss) =3_ sin ( )
p \" PTxcC (624)
— tan-? 23 sin(@rxc)
®ss 3 — sin(@rxc)
(6.25)
ooy = sin" [ 3 tan(@pss)
TXC =
2v/3 + tan(@pss)
(6.26)
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6.1.4 Deviatoric Stress-Strain Relationships

Deviatoric stress can be written as:

1
Toct = E\/(G'u —0'22)2 + (032 — 0'33)% + (0'11 — 0'33)? + 60122 + 60132 + 60,32

(6.27)
And the deviatoric strain can be expressed as:
Yoct = 2\/(511 — €22)% + (€22 — €33)% + (€11 — £33)% + 6817 + 68137 + 6837
(6.28)
Where,
£, =21
12 =5V12 (6.29)

As it is demonstrated in Figure 6.5, 7,. and y,. backbone relationship for
discretionary effective confining pressure p’ can be described as follow:
®  Gnaxoce epresents the octahedral shear modulus at low strain and it is

dependent on pressure:
4
Gmaxoct = Gmax,r,oct(pp—r,)d, where Gy roce represents the octahedral shear

modulus at low strain for the reference effective confining pressure (p') and

can be calculated by:

(3 _ (3 2
Gmalx,r,oct - (\/_g) Gmax,a’:latm - (\/_g) (pVS ) (6.30)
Toct A Toct,f A
Toctf = e e e e e e < /
ToctA fp-==--=
]
1 ©
| e
| At confining .- .
. pressure=p e | 202sintorxd)
: 1= 3 - sin(d7xc)
: 5 1,
Toct. A Yoct Pr P p
Figure 6.5 : Deviatoric octahedral backbone curve at effective confining pressure P’.
In this research, the constant d parameter assumed to be 0.5.
Gmax,r,oct = f(Ko)Gmax,r (6.31)
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Where,

__ ‘toct _ T12
Gmax,r,oct - and Gmax,r -

Yoct Y12 (632)

When K, # 1, during anisotropic cyclic loading the K, approaching to 1, calibration
can be done either to adjust the shear modulus at low-strain (when K, # 1), therefore,
acquire more curvy backbone stress-strain relationship (i.e. G/Gmax curve shifted to
the right; Figure 6.26 and Figure 6.27), or to do the calibration to obtained enhanced
backbone curve stress-strain relationship.

For Ko =1 condition  Gmaxroct = == = Gaxy = -2 (6.33)

Yoct Y12

e The outmost (failure) yield surface which is related to the friction angle, can
describe the maximum shear stress(z,c¢r)-

e The stress-strain relationship is also pressure dependent. For instance for point
A in Figure 6.5, this relationship can be expressed as:

Gmax,r,oct

,od (Yoct,A)

e

Toct,A = (GSGC.OCI)(YOCLA) =

(6.34)

Reference shear strain (y,.) can be introduced within the constitutive model. It can be
obtained by considering the stress-strain relationship at p,." as demonstrated in Figure

6.6 y,. is related to the highest shear stress and it can be written:

G . .
octr,f — Gsecroc max,r = —RniE max,r 2\/5517’1 ((p ) ’
Toct,r.f ( T, c)(}’ ) Vs (DL d(]/ ) == TXC )

1+ —(_:) 3 —sin (@rxc)
Yr \Pr

(6.35)
Ymaxr TEPresents maximum shear strain. As it is illustrated in Figure 6.6,

Ymax,r €XPresses the octahedral shear strain (at reference pressure p,.") at highest point

in the backbone stress-strain curve.
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Figure 6.6 : Stress-strain relationship at reference pressure p,.".

The effect of variation of y,,,4, - in monotonic direct simple shear loading is

demonstrated in Figure 6.7. And y, obtained as follow:

Toct,r,f Ymax,r

2+2sin (Prxc)
3 —sin (@rxc)

pél Ymaxr

Vr =

40

30

Toct (KPa)

10

Gmax,r,oct Ymaxr — Toct,r,f

1
I
I
I
|
|
|
|

'}'max,r = 0'05

Ymax,r

I
I
|
1 Y 1 2 1 2

€ —

0.04 0.06 0.08

Yoct

0.1

0.12

. o _lzx/isin ?pm%p,
max,r,oct Ymax,r 3 —sin Prxc T

p'r p’

(6.36)

Figure 6.7 : Effect of y,,4, - Variation on stress-strain backbone curve

6.1.5 G/Gmax Curves

The backbone stress-strain relationship can be acquired from the yield surfaces as it is

demonstrated in Figure 6.8. Subsequently the G/Gmax curve can be obtained from the
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backbone stress-strain curve (Figure 6.9). It is important to know the difference
between Goct/Gmax,oct CUrve which is obtained from octahedral space and G/Gmax curve
which is commonly indicated in engineering practice (i.e. G/Gmax curves from EPRI,
1993).

Toct A . Toct,f A
jG1=Gmax,octﬁ Gy , | Gnys

/ —
! /M 3
/n/f/ // ‘ < 'E
’ /l // 8
-~ / %
2 §

v

Yoct

T

Figure 6.8 : Backbone stress-strain relationship retrieved from the yield surfaces.

G1/ Gmax,oct

Gn / Gmax,oct

Gn/ Gmax,oct

%3

GNYS/ Gmax,oct

0 &
1E-006 1E-005 0.0001 0.001 0.01 0.1

Toct

Figure 6.9 : G/Gmax curve retrieved from the backbone stress-strain relationship
curve.

The angles of yield surfaces are divided by constitutive model into identically scattered
stresses. The G/Gmax curve can also be described manually by constitutive model. The
G/Gmax curve is introduced as sets of Gratio and y12. For each Gmax,1,0ctGratio multiply by
v12 there should be corresponding 112 at the referenced confining pressure (p,').
Therefore, it is vital to pay attention that reasonable friction angle obtained from the
given G/Gmax curve and that the softening behavior does not occur due to backbone

relationship of stress-strain. This can be achieved by conducting the reversed process
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described previously in Figure 6.8 and Figure 6.9. The friction angle obtained from
the last set of (G/Gmax) and (y12) can be written as:

3(\/5‘[12,max)/pr
6 + (\/ﬁtlz,max)/p’ (637)

sin(g) =

And the last (G/Gmax) multiply by last (y12) is given T12,max.
If there is cohesion, the friction angle obtained can be written by:

3(V3T12,max — 2cohesion)/p’
6+ (\/§T12,max — 2cohesion) /p’ (6.38)

sin(@) =

In this research, the yield surfaces created by the constitutive model itself due to

smoother response in various single element undrained cyclic test.

6.1.6 Flow Rule

The increments of plastic strain are consists of deviatoric and volumetric parts.
The deviatoric component of plastic strain act in accordance with associative flow rule,
however the volumetric components of plastic strain following nonassociative rule. A
vector normal to the yield surface (Q ) and normal vector to the plastic potential (P)
are described as deviatoric and volumetric constituents as follow:
e Q= Q"+ Q'Twhere Q' represents the deviatoric part, and Q"I represents the
volumetric part of the normal vector to the yield surface, and
e P =P +PTWhere P’ denotes the deviatoric, and P'I denotes the
volumetric portion of the normal vector to the plastic potential.
Associative and non-associative flow rules are expressed as following:
e Associative flow rule is related to deviatoric phase by: P’ = Q'
e Non-associative flow rule is related to volumetric phase by: P* # Q"
Thus, normal vector to the plastic potential (P") can be described by vector normal to
the yield surface (Q ) which is related to the yield surface (associative flow rule). P",
however, is not expressed by the yield surface (nonassociative flow rule). However, it
can be expressed through phase transformation (PT) concept by equations cvn.cvn and
cwn.cwn. The non-associative flow rule enables the constitutive model to capture

“contractive” and “dilative” response of soil appropriately. Figure 6.10 illustrated the
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difference between dilation phase and contraction phase in accordance with the
existing stress state (whether within or outside of the phase transformation surface).

Toct A _
Failure surface

Phase transformation
surface (PT)

Figure 6.10 : Yield surface and Phase transformation surface (PT).

Equations for dilation and contraction induced volumetric components of plastic strain
(expressed by P"):
e Contraction [(T < Tpr)or(t > Tpr and T < 0)]

T \2 "+ C3
P'=- (1 - T—) (c; +gccy) (p po)

PT atm

(6.39)

Where, c1, C2, and c3 are model input parameters. Accumulative volumetric
strain (denoted by ¢, ) is a positive scalar that increases in dilation state and
decreases in contraction state. The expression €.c, is a factor to capture fabric
damage, i.e. large dilation causes larger contraction rate in the upcoming

unloading.

e Dilation [t > 7pr and © > 0]

! !

2 + 43
= (1) vt (BEE2)
Tpr Patm (640)

Where, d1, d2, and ds are the model input parameters. y, represents the accumulative
octahedral shear strain increments from the onset of that specific dilation cycle.

Therefore, dilation increment increases as shear strain increases in that specific cycle.
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Parameter ds and parameter cs govern the effect of overburden pressure (effect of K;).

Figure 6.11 shows the effect of different parameter c; on the contraction variation.
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Vertical Effective Stress ratio (c'v/c've)

Figure 6.11 : Contraction response due to variation of input parameter ci.

Larger contraction means increase in the pore water pressure generation while vertical
effective stress decreases more. The influence of second contraction coefficient (c2)
on the contraction variation is illustrated in Figure 6.12.
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Figure 6.12 : Contraction state response due to variation of input parameter c..
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As itis shown in Figure 6.12, after the first dilation and if the fabric damage expression
(e.c,) is triggered, the accumulative volumetric strain (&,) start to increase and soil for
the next reloading shows more contraction response.

A value 5.0 is recommended for parameter c.. It also expresses how zero vertical
effective stress is approachable after first butterfly relationship loop establishment.
Larger value for parameter c, causes butterfly nature of the loop approaches to zero
vertical effective ratio after the first loop.

Figure 6.13 shows the variation of overburden pressure (K, effect) and parameter c3
for contraction behavior. The undrained cyclic direct simple shear loading responses
for 100 kPa and 400 kPa initial vertical stresses are demonstrated in Figure 6.13 for

when effect of overburden pressure is activated (i.e. c3#0.0).
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Figure 6.13 : Contraction behavior due to overburden stress (K, effect) and input
parameter cs variation.

. . P'+py’ .
If the parameter c3 is not zero, the expression (P—")C3 causes more contraction
atm

P'+p,’

behavior for ( )>1 (where demonstrated in Figure 6.13), however

atm

for (P *Fo ) < 1 contraction behavior is reduced.

atm

The impact of parameter d; variation can be evaluated in stress-strain relationship after

the dilation state starts (as it is shown in Figure 6.14).
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Figure 6.14 : Dilation response due to variation of input parameter d;.

When the dilation phase starts, it is followed by the decreasing in effective stress and
the shear stress-vertical effective stress curve has a form like eight shape. Decreasing
parameter di causes reduction in the dilation behavior and therefore escalates the shear
strain accumulation in each cycle. When the dilation started by modifying the
parameter ds, the shear strain accumulation can be modified to be around 1% to 2%.

The effects of parameter d» variation is demonstrated on Figure 6.15. The expression
v4% in equation cwn.cwn is to capture fabric damage. To study the effects of this
parameter, as it was described before y, represents the accumulative octahedral shear
strain increments from the onset of that specific dilation cycle. Thus, accumulative
octahedral shear strain increment (y) is typically a small number, less than unity, in
practice. Therefore, variation of d» parameter from 3.0 to 0.3, in the range of y, less

than 1, causes expression y,%2 to increase and as a result a larger dilation response.
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Figure 6.15 : Dilation response due to variation of input parameter d..
As it is illustrated in Figure 6.15, larger dilation causes less accumulative octahedral
shear strain increments in each cycle. It should further be noted that setting d>=0
working vice versa as it causes ;%2 to be equal to unity, which is larger than common

value of y;% when d2 # 0. Parameter d; is suggested to be 3.0.
The effect of overburden pressure (K,) by ds parameter in the dilation phase of

. . P'+py’ .
response is too complex depends on expression ( > 2 ) which can be less than or
atm

above unity. Therefore, ds parameter is considered to be zero.

6.1.7 Constitutive Model Input Parameters

The calibration of constitutive model was carried out for different sands with different
blow count of SPT test, (N1)s0=5, 15, 25 and 35. The calibrated values for parameters
of PressureDependMultiYield02 model are presented in Table 6.1.

Different initial confining vertical pressures was considered to simulate soil behavior
at different depths. The response of calibration data illustrated in Figures 6.16 to 6.25.
The simulation results was compared with EPRI1993 recommanded modulus
reduction for sand. The result of calibrated parameters were in agreement with

EPRI1993 recommanded modulus reduction as shown in Figures 6.26 and 6.27.
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Table 6.1 : Asymmetric Constitutive Model Input Parameters.

Parameter
(N1) 60 5 15 20 25 35
Dr%o 0.33 0.57 0.63 0.74 0.87
Gs 2.65 2.65 2.65 2.65 2.65
emin 05 05 0.5 05 0.5
emax 0.89 0.89 0.89 0.89 0.89
e 0.76 0.67 0.63 0.6 0.55
) 1.94 1.99 2.00 2.03 2.06
ton/m3 ton/m3 ton/m3 ton/m3 ton/m3
P'r 100 100 80 100 100
KPa KPa KPa KPa KPa
Vsl 141 174 185 195 210
m/s m/s m/s m/s m/s
Gmax,1 38.3 60.2 70.2 77.2 91.3
MPa MPa MPa MPa MPa
) 46.9 73.7 725 94.6 111.9
Gmax,1,oct MPa MPa MPa MPa MPa
ymax,r 0.1 0.1 0.1 0.1 0.1
KO 0.5 0.5 0.5 0.5 0.5
v 0.33 0.33 0.33 0.33 0.33
B/G 2.67 2.67 2.67 2.67 2.67
Br 125.1 196.8 193.6 252.6 298.3
MPa MPa MPa MPa MPa
d 0.5 0.5 0.5 0.5 0.5
oDSS 30° 35° 38° 40° 45°
oPDMY 25.4° 30.3° 34.5° 35.8° 42.2°
oPT 20° 25.3° 26.5° 30.8° 32.2°
CRR1atm,3% 0.09 0.16 0.22 0.29 N.A.
cl 0.06 0.019 0.04 0.005 0.001
c2 5 3 25 1 0.5
c3 0.2 0.2 0.2 0.2 0
di 0.15 0.15 0.07 0.15 0.4
d2 3 3 3 3 3
d3 0 0 0 0 0
ligl 1 1 1 1 1
lig2 0 0 0 0 0
NYS 20 20 20 20 20
csl 0.9 0.9 0.9 0.9 0.9
cs2 0.02 0.02 0.02 0.02 0.02
cs3 0 0 0 0 0
cohesion 0.1 0.1 0.1 0.1 0.1
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Figure 6.18 : Response of undrained cyclic direct simple shear simulation for blow
count (N1)so=5 and vertical confining pressure ¢’,. = 100 kPa and load bias =0,

0.1,and 0.2.
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Figure 6.20 : Response of undrained cyclic direct simple shear test simulation for
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Figure 6.21 : Response of undrained cyclic direct simple shear test simulation for

blow count (N1)eo=35 due to different cyclic stress ratios CSR = 0.09, 0.50, and 1.00.
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blow count (N1)so=5 and vertical confining pressure o', = 100 and 400 KPa.
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6.1.8 Constitutive Model Input Parameters Validation Against Laboratory

Direct Simple Shear Test Data

To evaluate the calibrated parameters and also validate the Opensees and Matlab codes
for simulating direct simple shear test,the calibrated parameters for sand with relative
density 63% were implemented as an input data for single element simulation of direct
simple shear test in Opensees. The results of simulation compared with simple shear
test data provided by Arulmoli et al, 1992 as cited by Karimi et al, 2015. The results
of simulations are in good agreement with test data as illustrated in Figures 6.28, 6.29,
6.30 and 6.31.
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Figure 6.28 : Shear stress and vertical effective stress comparison of the numerically

simulated (bottom) and experimentally measured soil response for undrained cyclic

simple shear (CSS) test performed on Nevada sand by Arulmoli et al, 1992 (top left)

as cited by Karimi et al, 2015 (top right). Test conditions: Dr= 63%, cv0=80 kPa, and
CSR=0.3
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Figure 6.29 : Pore water pressure generation comparison of the numerically
simulated (bottom) and experimentally measured soil response for undrained cyclic
simple shear (CSS) test performed on Nevada sand by Arulmoli et al, 1992 (top left)

as cited by Karimi et al, 2015 (top right). Test conditions: Dr= 63%, cv0=80 kPa,

and CSR=0.3
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Figure 6.30 : Pore pressure versus shear strain comparison of the numerically
simulated (bottom) and experimentally measured soil response for undrained cyclic
simple shear (CSS) test performed on Nevada sand by Arulmoli et al, 1992 (top left)

as cited by Karimi et al, 2015 (top right). Test conditions: Dr= 63%, cv0=80 kPa,

and CSR=0.3
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6.2 Finite Element Model Procedure for Nonlinear 2D Site Response

To evaluate the calibrated parameters for PDMYO02 constitutive model a series of
nonlinear 2D site response were conducted using nine-four nodes quadrilateral U-P
plane strain element.
The nodes at the same level were tied together to constrain the deformation such as
shear beam.
The downhole records for different depths were applied at the base of the model. In
terms of using rock outcrop motion for nonlinear 2D site response , compliant
boundary condition used at the base of the model which is implemented by using a
dashpot with uniaxial viscous material at left lower corner of the model. As mentioned
before, the coefficient of damper is defined as proposed by (Lysmer and
Kuhlemeyer,1969) as follow:

c=AV,p (6.41)

Where, A is area of base, Vs is shear wave velocity of rock and p is density of elastic
half-space at the base of the model.
The absorbent boundary condition absorbs the reflected wave propagating from
surface to the bottom of the model acting as a viscous dashpot.
The input motion applied as a velocity history which is converted to force by dashpot
coefficient. The force was equally applied to the base nodes by dividing it the number
of base nodes.
F(t)= txy.A (6.42)
Txy = V(1).Vs.p (6.43)

where v(t) is velocity of the outcropped earthquake record.

Using viscous absorbent boundary condition together with velocity component of
ground motion reduces the effect of high frequency noise within the soil profile.
Figure 6.32 represents Diagram of the finite element model with different boundary
condition. Figure 6.32 (a) demonstrates compliant base boundary condition while

Figure 6.32 (b) demonstrates rigid base boundary condition.
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Figure 6.32 : Diagram of finite element model and boundary condition for (a)
compliant base boundary condition ; (b) rigid base boundary condition.

PressureDependMultiYield and PressurelndependMultiYield constitutive models

represent elastic behavior at very small strain without hysteretic behavior and

corresponding damping.
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6.3 Wildlife Array (WLA) Site Response Evaluation During 1987 Superstition
Hills Earthquake

In 1982, United States Geological Survey (USGS) provided instruments in Wildlife
array site near Salton sea 6 km away from Brawly,california. Superstition Hills
earthquakes with magnitude 6.5M occurred on 24 November 1987 at Wildlife array
site. During 2003 to 2004 extra instruments provided at site. Total of 24 CPT and 24
boring were provided. Extra 6 downhole array acelerometer, 3 ground level
accelerometer, 8 piezometer also installed at site.

The profile of Wildlife array site involves 2.75m depth clay overlaying sand layer
approximately 6.7m and then clay layer upto 12m depth. Below 12m depth the site
profile consists silt, clay and sand extended to 32m depth.

The geotechnical data such as CPT resistance, number of blow counts for SPT test,
shear wave velocity for the Wildlife array site are given in Figure 6.35.

For the clay from ground surface level to 2.75m depth and from 6.75 to 7.5m depth,
the PressurelndependentMultiYield (PIMY) model was used with default G/Gmax vs.
v curve. For the sand layer from 2.75 to 6.75 m, the parameters for Dr=57% were
used.it should be noted that a value of y1 = 0.5 (instead of y; = 1.0) was selected since
it created ground level response spectra and time histories that provided a somewhat

better match to the recorded time histories.
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permeability of 1e-6 and 1e-8 m/s were used for the sand and clay layers, respectively.
The analyses employed the 9-4-node quadrilateral u-p element. 2D Site response
analysis was conducted using the 7.5 m deep velocity time history from the
Superstition Hills earthquakes as input at the base of the model. Figure 6.33 and Figure
6.34 show the acceleration, velocity and displacement time history and response
acceleration for the recorded ground surface motion at depth 7.5m and ground level

respectively.
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Figure 10. WLA SI1 Borehole

Figure 6.35 : Wildlife Array geotechnical data for site response simulations
(retrieved from NEES,2014).

Acceleration, velocity and displacement histories and response spectra of recorded
ground motion of Superstition Hills earthquake at ground level are compared with
time histories at ground surface of simulation in Figure 6.36.

The results from simulation are in good agreement with recorded data.
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6.4 Port Island Station Site Response Evaluation During 1995 Kobe Hyogoken-
Nanbu Earthquake

Port Island station is located at Kobe,Japan which is built on reclaimed land. The
profile of the Port Island station subsurface soil layers illustrated in Figure 6.38.
During 1995 Hyogoken-Nanbu, Kobe earthquake with magnitude 6.9Mw, the ground
motion recorded at 0, 16, 32 and 83m depths using a series of vertical arrays. Figures
6.37 shows the time histories of recorded ground motion at Port Island station during
1995 Kobe earthquake.In this study the soil profile modeled only for above 32m depth.
The velocity history of recorded ground motion at 32m was applied to the base of the
model as an input motion.
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Figure 6.37 : Port Island component 1995 Kobe earthquake recorded at ground
surface level.

For the Masado fill sand, the parameters for Dr=57% were used, except that the site-
specific Vs values shown in Figure 6.36 were used, and the c1 contraction parameter
was set to 0.038 instead of 0.07 to make up from the deviation of Vs.

The clay layers under the Masado sand upto 32m depth were modeled using the
PressurelndependentMultiYield (PIMY) model with default G/Gmax vs. y curve.
Pearmeability of 1e-6 and 1e-8 m/s were used for the silty sand and clay

layer, respectively. The modeling protocols for mesh generation, boundary conditions
and Rayleigh damping (set to 1%) described in previous chapter were followed.

142



Shear wave velocity Soil type

SPT N-value (m/sec) Accelerometer
()0 20 40 60 0 200 400
T (170
Masado
210
2 [1 o Alluvial clay
E 4 Alluvial gravelly
8 sand
£ 1 |
£ : Diluvial gravelly
E sand
60
303 Diluvial clay
80 i i

Figure 6.38 : Kobe Port Island geotechnical data for site response simulations
(Cubrinovski et al.1996).

Recorded and computed time histories and spectra are presented in

Figure 6.39. The results of computed times histories show a good agreement with the
recorded ground motion time histories. It can be noted that the result of computed time
histories at ground level also shows that the soil parameters were calibrated properly.
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Figure 6.39 : Acceleration, velocity and displacement at ground surface recorded vs
computed by opensees for wildlife array site.



6.5 Summary and Conclusion

An extensive soil constitutive model calibration was carried out for
PressureDependentMultiYield model (PDMY02) in Opensees. The aim was to capture
more accurate response of the soil to be implemented in nonlinear 2D site response
analyses for real liquefiable profile case studies. Calibration was only conducted for
loose to dense sand with different blow counts of SPT test reported by researchers.

Numerical evaluation was conducted with Single element simulation for monotonic
and cyclic simple shear test. Different initial confining vertical pressures was
considered to simulate soil behavior at different depths. The simulation results was
compared with EPRI1993 recommanded modulus reduction for sand. The result of
calibrated parameters were in agreement with EPRI1993 recommanded modulus
reduction. Furthermore, the calibrated constitutive model parameters were used to
validate the 2D site response of Wildlife Array site and Kobe port island site as real
case studies. For Wildlife Array site, downhole array record of Superstition Hills
earthquake was used as an input motion at the base of the model. For Kobe Port Island
station site, the downhole array record at depth 32m of 1995 Kobe earthquake was
used as an input motion. The acceleration,velocity and displacement time histories at
ground surface level from simulations were in good agreement with recorded data at

each site.
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7. NUMERICAL EVALUATION OF TUNNEL BEHAVIOR IN
LIQUEFIABLE SOIL

In this chapter, the results of analyses in terms of combination of vertical and
horizontal excitation, post-liquefaction behavior of soil-tunnel system and effect of
different relative densities is demonstrated. Before presenting the specific found outs
in this research, the general observations that are common in literature and this

research, are as follow:

1- During dynamic analysis pore water pressure increased suddenly at early stage

of loading

2- Generation of pore water pressure beneath the tunnel has an important role in

uplifting the structure.
3- The uplift displacement continue for some time even when earthquake stopped.

In the following sections additional finding will be presented which have not or less

been investigated by previous works.

7.1 Effect of Frequency Content of Ground Motion on Uplift Behavior of

Tunnel

To evaluate the effect of frequency content of input motion, horizontal component of
Kobe ground motion with 0.1-10Hz and 0.1-25Hz band-pass filtered were applied at
the base of the model. As illustrated in Figure 7.1, the result for first 16s of ground

motion shows no effect due to higher frequency contents of motion.
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Figure 7.1 : Excess pore water pressure generation due to different frequency
contents of horizontal component of 1995 Kobe earthquake.
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Figure 7.2 : Excess pore water pressure generation due to different frequency
contents of horizontal component of Kobe earthquake.
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7.2 Effect of Vertical Input Motion on Uplift Behavior of Tunnel

Whereas ground motion waves propagate in all directions through the ground, the
motions created by ground motion waves can be described in translational and
rotational directions according to the 3 dimensional coordinates. between 6
components of ground motions, 3 translation and 3 rotation, only 3 translation motions
consist of 2 horizontal and a vertical excitation are evaluated through recording and
signal processing procedure of ground motions. Horizontal components of ground
motions are important components of earthquakes. However, although the vertical
component of ground motion has less importance than horizontal components in
seismic analysis and design, present investigations indicate that the vertical component
has also a significant role in some earthquakes particularly in near fault areas. The
vertical component effect is generally measured by vertical motion amplitude to
horizontal one ratio (V/H). For evaluating effect of vertical excitation on tunnel
behavior, horizontal and vertical components of 1995 Kobe earthquake were selected
as an input motion. The original horizontal components of the Kobe record with 0.834g
maximum acceleration amplitude was scaled to 0.334g without changing the
frequency contents of the record. The length of the both horizontal and vertical

excitations were truncated as 40s.
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Figure 7.3 : Horizontal components of 1995 Kobe earthquake scaled to 0.3g
amplitude.
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Figure 7.4 : Vertical components of 1995 Kobe earthquake 0.3g (not scaled).
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Figure 7.5 : Vertical components of 1995 Kobe earthquake 0.25¢.

The vertical components of the record with 0.339g maximum acceleration amplitude
was scaled to different amplitudes 0.25g, 0.35g and 0.4g. The simulation conducted
by applying horizontal and vertical components concurrently with different vertical
excitations while the horizontal component applied with same amplitude. The result
of combined horizontal and vertical motions compared with horizontally only
excitation to evaluate the effect of vertical motion on tunnel uplift. The scaled
horizontal component and original vertical component of Kobe earthquake shown in
Figure 7.4 and 7.5 respectively.
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Figure 7.6 : Combined vertical and horizontal components of 1995 Kobe earthquake
for vertical motion with 0.25g, 0.35g and 0.4g and horizontal motion 0.3g
amplitudes.

As demonstrated in Figure 7.7, the result of combined horizontal and vertical
excitations show uplift displacement at near-field around tunnel. The distribution of
ground surface uplift displacement for combined horizontal and different vertical

excitation amplitudes are given in Figure 7.8.
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Figure 7.7 : Distribution of uplift displacement of ground surface.

The result of vertical displacement at ground surface level shows that by increasing
the amplitude of vertical excitation the uplift of soil at the center of domain increases

while at distance far away from the tunnel the soil settles more.
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Figure 7.8 : Distribution of uplift displacement of ground surface due to horizontal
component combined with various amplitude of vertical excitation.

Figure 7.9 illustrated the amount of tunnel uplift due to combined vertical and
horizontal excitations. It is clear that by increasing the vertical motion amplitude the
tunnel suffer more uplift. It should be noted that the ratio of vertical motion amplitude
to the horizontal excitation amplitude (\V/H) plays a key role for response of tunnel-
soil system. For V/H>1 the amount of uplift is more that case where only horizontal
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excitation applied while the amount of uplift due to combined vertical and horizontal
motions reduces if the ratio V/H<1.
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Figure 7.9 : Uplift displacement at lower middle node of tunnel due to horizontal
and vertical components of 1995 Kobe earthquake.
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Figure 7.10 : Excess pore water pressure at lower middle node of tunnel due to
horizontal and vertical components of 1995 Kobe earthquake.

The ratio of vertical motion amplitude to horizontal amplitude can be a key aspect for

evaluating the behavior of underground structures in practice.
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Results of excess pore water pressure ratio at the bottom of the tunnel reveals that the
increasing the vertical excitation amplitude causes more oscillation during generation
of excess pore water pressure at the very beginning of the excitation. However, as time

pass there is no significant change in amount of excess pore water pressure ratio.

7.3 Post-liquefaction Consolidation Settlement Behavior of Tunnel-Soil System

For evaluation of post-liquefaction consolidation settlement of tunnel, horizontal
components of 1995 Kobe earthquake records similar as previous section was selected
and first 40s of records only considered in analyses without any change in frequency
contents of motion. The soil assumed as medium dense Nevada sand with relative
density Dr=57% overlaying dense sand with relative density Dr=74%. The analyses
performed by gravity analysis (elastic and plastic) followed by dynamic analysis. For
analysis during post-liquefaction when the earthquake stopped, zero load added to the
records with same time steps due to difficulty of interpret the result when different

time steps are applied during analysis.

Far-Field Near-Field Center

] E ] b T ground level|
|B F I_ I i :II anl deptlll |
|C G it K 6m depth |
D H L 14.4m depth

Figure 7.11 : Schematic of extracted results for Far-field, near-field and center nodes
of domain.

As illustrated in Figure 7.11, to evaluate the tunnel behavior with the liquefiable soil,
critical points within the soil domain are considered horizontally and vertically. The
results are compared in vertical direction as follow:

e At far-field from point A to point D.

e At near-field from point E and point H.
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e At center from point I to point L.
The results are also compared in horizontal direction as follow:
e At ground surface level from far-field point A to near-field point E and center
point .
e At 2m depth from far-field point B to near-field point F and point J.
e At 6m depth from far-field point C to near-field point G and point K.
e At 14.4m depth from far-field point D to near-field point H and center point L.

7.3.1 Comparison of Tunnel-Soil Response in Vertical Direction

7.3.1.1 Excess Pore Water Pressure Generation and Vertical Displacement of
Soil in Far-Field

In this section, the results of numerical simulation in terms of excess pore water
pressure and vertical displacement, uplift or settlement, at far-field from point A at
ground surface level to point D at the bottom of liquefiable sand at 14.4m depth is

compared.
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Figure 7.12 : Excess pore water pressure ratio variation in different depth at far-
field.
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Figure 7.12 shows the excess pore water pressure variation at the far-field. The result
of excess pore water pressure generation at far-field show that by increasing the depth
of liquefiable sand the excess pore water pressure decreases, however, liquefaction has
not occurred during dynamic analyses. Despite the fact that sand did not liquefied, the
saturated sand at far-field start to settle at the very beginning of the analysis as it is
shown in Figures 7.13, 7.14 and 7.15.

0.4 0
' ——EPWPR at depth -2m far-field (point B)

0.35 - = Vertical displacement at depth -2m far-field (point B)

-0.05

0.3

-0.1

0.25

0.2

0.15
-0.2

Excess pore water pressure ratio
o
-
(%]
Vertical displacement (m)

0.1

T~ -

0.05 i
0 -0.3

0 5 10 15 20 25 30 35 40 45 50 55 60 65 70 75 8 8 90 95 100

Time (s)

Figure 7.13 : Excess pore water pressure ratio and vertical displacement of saturated
sand at depth 2m in far-field.
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Figure 7.14 : Excess pore water pressure ratio and vertical displacement of saturated

sand at depth 6m in far-field.
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Figure 7.15 : Excess pore water pressure ratio and vertical displacement of saturated

sand at 14.4m depth (bottom of liquefiable) sand in far-field.
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It is also reasonable to compare the amount of settlement at far-field as illustrated in
Figure 7.16 and 7.17.
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Figure 7.17 : Vertical displacement at different depth at far-field.

As demonstrated in Figure 7.16 and 7.17, the results of settlement at far-field shows
that settlement reduces at higher depth where at the bottom of liquefiable layer
settlement approaches to zero. The fact that ground surface level is the only way for
pore fluid to dissipate is the reason that soil settles more at depth near ground surface

level.
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7.3.1.2 Excess Pore Water Pressure Generation and Vertical Displacement of
Soil in Near-Field

Near field is defined as a subdomain where it is equal underground structure wide
away from left and right side walls. Due to interaction between tunnel and soil it is
vital to consider the behavior of soil at near-field. It is more reasonable to show the
vertical displacement, uplift or settlement, and excess pore water pressure generated
within the sand to evaluate the effect of excess pore water pressure on vertical
displacement. Figures 7.18, 7.19 and 7.20 demonstrate the vertical displacement and
excess pore water pressure ratio in vertical direction from point F at depth 2m then
point G at depth 6m and finally point H at depth 14.4m respectively.
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Figure 7.18 : Excess pore water pressure ratio vs. vertical displacement of saturated
sand at depth 2m in near-field 3m away from tunnel.
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Figure 7.19 : Excess pore water pressure ratio vs. horizontal displacement of
saturated sand at depth 2m in near-field 3m away from tunnel.

It clear from Figure 7.18, 7.19 and 7.20 that as soon as excess pore water pressure ratio
increased the soil at near-field start moving upward. The excess pore water pressure

tries to dissipate through ground surface and causes the soil to uplift.
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Figure 7.20 : Excess pore water pressure ratio and vertical displacement of saturated
sand at depth 6m in near-field 3m away from tunnel.
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Figure 7.21 : Excess pore water pressure ratio and vertical displacement of saturated
sand at bottom of liquefiable sand beneath the tunnel.
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Figure 7.22 : Excess pore water pressure ratio of saturated sand at 2m, 6m and
14.4m depth within the liquefiable sand in near-field 3m away from tunnel.

The results of excess pore water pressure ratio at near-field shows that excess pore
water pressure ratio increased suddenly at the early stage of the shaking as it is shown
in Figure 7.21. However, the sand at near-field was not liquefied. The excess pore

water pressure ratio increases as depth increases. The not smooth portion of excess
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pore water pressure at depth near tunnel, at 2m and 6m depths, is due to existence of

tunnel and therefore interaction between tunnel and soil.
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Figure 7.23 : Vertical displacement at different depth within the liquefiable sand in
near-field 3m away from tunnel.

Figure 7.22 shows the amount of vertical displacement at the near-field. As it is shown
in Figure 7.22, the rate of uplift decreases as depth increases where at the bottom of
liquefiable layer loose sand the vertical displacement is approximately near zero same
as far-field. However, the amount of uplift at depths within the domain is slightly
higher than ground surface level due to dissipation process of excess pore water

pressure.
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7.3.1.3 Excess Pore Water Pressure Generation and Vertical Displacement of
Soil at Center of Tunnel

At the center line of tunnel, the amount of uplift at points above and under the tunnel
are almost similar and it decreases as depth increases. Figures 7.24, 7.25 and 7.26
shows the amount of uplift versus excess pore water pressure ratio at each depth.
Figure 7.25 shows that the uplift started as excess pore water pressure ratio increased
at early stage of analysis. However, after the soil under tunnel liquefied the amount of

uplift shows small change while the excess pore water pressure start to dissipate.
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Figure 7.24 : Schematic of extracted results for Far-field, near-field and center nodes
of domain.

As pore water pressure dissipate, the tunnel tends to settle but the amount of settlement
at point far away from the tunnel is much higher than the points near tunnel because
the water can dissipate faster due to existence of the tunnel at the miidle of domain.
Therefore, the liquefied sand at far-field and near-field start to flow toward beneath
the tunnel and excess pore water pressure at the bottom of tunnel is increased for a

while and then start to dissipate again.
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Figure 7.25 : Schematic of extracted results for Far-field, near-field and center nodes
of domain.
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Figure 7.26 : Schematic of extracted results for Far-field, near-field and center nodes
of domain.
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Figure 7.27 : Excess pore water pressure ratios at top and bottom middle point of
tunnel and beneath the tunnel.
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Figure 7.28 : Vertical displacement at different depth within the liquefiable sand in
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7.3.2 Comparison of Tunnel-Soil Response in Horizontal Direction

Although, the soil has similar properties at each layer depth but it is essential to
measure the behavior of soil in horizontal direction at different depth. Due to existence
of underground structure, the behavior of the soil at each layer depth can be different.
Figure 7.29 illustrated the distribution of vertical displacement at different depth
within the liquefiable sand. The result shows that uplift displacement of tunnel and the
overlaying soil mass are similar, however, the vertical displacement reduced as depth
increases. The settlement at far-field is significant up to certain depth then it is

decreased as depth increases.
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Figure 7.29 : Distribution of vertical displacement at different depth.
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Figure 7.30 : Excess pore water pressure ratio comparison for far-field, near-field
and at center of domain at 2m depth.
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Figure 7.31 : Excess pore water pressure ratio comparison for far-field, near-field
and at center of domain at 6m depth.
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Figure 7.32 : Excess pore water pressure ratio comparison for far-field, near-field
and at center of domain at 14.4m depth.
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7.3.3 Ground Surface Vertical Displacement

During site response analysis, obtaining acceleration from simulation at ground

surface should be in good match with recorded ground motion data. Therefore, it is

also necessary to evaluate the accelerations at ground surface level when there is an

interaction between underground structure and soil domain. The result of vertical

displacement at ground level shown in Figures 7.33, 7.34 and 7.35.
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Figure 7.33 : Acceleration vs. vertical displacement at ground surface level in far-
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Figure 7.34 : Acceleration versus vertical displacement at ground surface level in

near-field 3m away from tunnel.
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Figure 7.35 : Acceleration versus vertical displacement at ground surface level

above the tunnel.
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7.4 Effect of Relative Density and Permeability

To investigate the effect of relative density and permeability, Nevada sand with three

different relative densities (Dr=40%, 50% and 63%) considered as liquefiable sand

overlaying medium dense sand with relative density 68%. The soil constitutive model

calibrated parameters for Nevada loose to medium sand with relative densities
Dr=40%, 50% and 63%, medium dense sand with relative density Dr= 68% and

corresponding hydraulic conductivities are retrieved from (Karimi & Dashti,2016) as
demonstrated in table 7.1 and table 7.2.

Table 7.1: Calibrated Parameters of PDMY02 soil constitutive model for various
Relative Density. (Karimi & Dashti,2016)

Parameter Nevada sand Silica silt Monterey sand Description

D, (%) 30 40 50 63 68 90 85 85 Relative density

e 0.76 0.73 070 066 065 058 0.88 0.56 Void ratio

ton/m* 1.95 1.96 197 200 201 206 1.86 2.01 Saturated unit weight

P/ (kPa) 101 101 101 101 101 101 101 101 Reference effective confining pressure
Groog MP2) 345 462 571 725 771 1019 87.6 1333 Octahedral low-strain shear modulus

Vrmaxr 0.1 0.1 0.1 0.1 0.1 0.1 0.1 0.1 Maximum octahedral shear strain

B, (MPa) 920 1233 1524 1936 2059 2721 2338 264.0 Bulk modulus

d 0.5 0.5 0.5 0.5 0.5 0.5 0.5 0.5 Pressure dependency coefficient

PIXC(PDMY) 31° 32° 335° 345 36° 4000 410° 42° Triaxial friction angle used by model

opr 31° 300 255° 2650 260 265 36.0° 32° Phase transformation angle

c 0.087 0067 005 004 002 0016 03 0.014 Control the shear-induced volumetric change,
I 5.0 45 4.0 25 1.5 145 5.0 2.0 contraction tendency based on the dilation

o 03 0.27 025 02 015 0.4 15 0.15 history, and overburden stress effect, respectively
d, 0.01 0.02 006 007 015 025 0.02 0.36 Reflect dilation tendency, stress history, and
dy 3.0 3.0 3.0 3.0 3.0 3.0 3.0 3.0 overburden stress, respectively

d; 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.005

NYS 20 20 20 20 20 20 20 20 Number of yield surfaces generated by model
lig 1.0 1.0 1.0 1.0 1.0 1.0 1.0 1.0 Account for permanent shear strain (slip strain
lig, 0.0 0.0 0.0 0.0 0.0 0.0 0.0 0.0 or cyclic mobility) in sloping ground

Table 7.2: Permeability coefficients for different relative densities. (Karimi &

Dashti,2016)

Soil type D, (%) with water

Hydraulic conductivity k (m/s)

katlg
Source

k at 55 g with

fluid 22 times

more viscous
than water

Nevada
sand

Monterey
sand
Silica silt

30-35
40-45
50-55
60-65
85-90
85

7.50 x 1073 Arulmoli et al. (1992)
6.50 x 1073
6.00 x 1073
5.00 x 107>
225 x 1073

5.29 x 107* McCartney et al. (2005)

3.00 x 10~% Malvick et al. (2006)

1.88 x 10~
1.63 x 10~
1.50 x 10~*
1.25 x 10~
5.63 x 1073
1.32x 1073

7.50 x 1078
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The analyses procedure were similar to previous section as gravity analysis followed

by dynamic analysis.

Excess pore water pressure ratio at center node under tunnel

—— EPWPR Dr=50%
EPWPR Dr=40%
- - -EPWPR Dr=63%

o
o

o
o

Excess pore water pressure ratio
°© o o o o
w = [%,] [=)] ~

e
Y

x*

0 5 10 15 20 25 30 35 40 45 50 55 60 65 70 75 80 8 90
Time (s)

Figure 7.36 : Excess pore water pressure ratio generation and dissipation history at
middle point under the tunnel.

The pore water pressure ratio histories in Figure 7.36 show that liquefaction onset is
similar for different relative densities. However, it is observed that saturated sand with
63% not liquefied completely.

In terms of effect of permeability, pore water pressure dissipation occur in the similar
manner as it decreases with approximately same slope. However, pore water pressure
dissipation in sand with higher relative density happens earlier due to smaller

permeability coefficient and consequently less pore water pressure generation.
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Figure 7.37 : Uplift of Tunnel due to different relative densities at middle point
beneath the tunnel.
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Figure 7.38 : Distribution of ground surface displacement for different relative
densities.

Figure 7.38 shows the distribution of vertical displacement of ground surface for

tunnel buried in liquefiable sand with different relative densities. The tunnel suffer less

uplift and settlement in sand with higher relative density. However, the rate of uplift

and settlement displacement decreases as relative density increases. The results of

simulations are in agreement with the works done by (Sharafi & Parsafar,2016

;Saeedzadeh & Hataf,2011).
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8. CONCLUSION AND FUTURE WORK RECOMMENDATION

This thesis presents evaluation of tunnel behavior in liquefiable ground during strong
ground motion shaking. To investigate the behavior of tunnel in liquefiable soil,
numerical simulations using solid-fluid fully coupled effective stress were conducted
in OpenSees open source code platform.

The parameters effecting behavior of tunnel can be categorized in three main group:

e Effect of different soil constitutive model parameters on uplift and settlement
of soil-structure system.

e Effect of geometric of tunnel and soil domain on uplift and settlement of
tunnel-soil system such as buried depth of tunnel and effect of height to wide
ratio of tunnel.

e Effect of ground motion characteristic’s parameters such as frequency contents
of motion, amplitude of ground motion and duration.

In terms of investigation the effect of soil constitutive parameters on tunnel-soil
behavior, it is not logical to compare the effect of material parameter by changing only
one parameter as long as, changing one soil constitutive model parameter will effect
on other correlated parameters. Therefore, changing a parameter will led to different
soil behavior due to monotonic and cyclic loading under drained or undrained
conditions and more advance procedure needed for soil constitutive model calibration
for implementation in finite element modeling.

An extensive soil constitutive model calibration was carried out for
PressureDependentMultiYield model (PDMY02) in Opensees. The aim was to capture
more accurate response of the soil to be implemented in nonlinear 2D site response
analyses for real liquefiable profile case studies. Calibration was only conducted for
loose to dense sand with different blow counts of SPT test reported by researchers.
Numerical evaluation was conducted with Single element simulation for monotonic
and cyclic simple shear test. Different initial confining vertical pressures was
considered to simulate soil behavior at different depths. The simulation results was
compared with EPRI1993 recommanded modulus reduction for sand. The result of
calibrated parameters were in agreement with EPRI11993 recommanded modulus
reduction. Furthermore, the calibrated constitutive model parameters were used to
validate the 2D site response of Wildlife Array site and Kobe port island site as real

case studies. For Wildlife Array site, downhole array record of Superstition Hills
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earthquake was used as an input motion at the base of the model. For Kobe Port Island
station site, the downhole array record at depth 32m of 1995 Kobe earthquake was
used as an input motion. The acceleration,velocity and displacement time histories at
ground surface level from simulations were in good agreement with recorded data at
each site.
On the other hand, investigation the effect of geometry and ground motion
characteristics, only frequency content and acceleration amplitude, on tunnel-soil
system in liquefiable soil have been widely evaluated in literature due to simpler
procedure for implementation.
In this research, emphasize was on evaluating effect of combined horizontal and
vertical excitation, post-liquefaction phase on uplift and settlement of tunnel-soil
system and effect of different relative density on tunnel uplift.
According to the results of tunnel-soil system in this research, the conclusions can be
drawn as follow:
e The pore water pressure generated suddenly as amplitude of acceleration
increased. The loose sand remain liquefied for some time
e In terms of evaluating the effect of horizontal and vertical excitation
combination, for vertical to horizontal maximum amplitude ratio higher than
unity (V/H>1) an increase in uplift displacement of tunnel was observed. On
the other hand, combination of horizontal and vertical excitation with VV/H less
than 1 will reduces the uplift displacement as it damps out the effect of
horizontal excitation.
¢ In spite of different relative densities, liquefaction onset occur at the same time.
However, it is observed that saturated sand with 63% not liquefied completely.
e Pore water pressure dissipated with similar rate for different relative densities.
e Sand with higher relative density did not liquefied due to generation of less
pore water pressure. Therefore, dissipation begin earlier compare to sand with
smaller relative density.
e Both uplift of tunnel near-field and settlement in far-field in sand with higher
relative density are smaller as relative density increases.
e The rate of uplift and settlement displacement of tunnel increases as relative

density decreases.
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APPENDICES

APPENDIX A: Opensees and post-processing matlab codes
wipe

H
1+

# 1. CREATE PORE PRESSURE NODES AND FIXITIES

H
1+

model BasicBuilder -ndm 2 -ndf 3
# define pore pressure nodes:
node 1 -20.000 -20.000

node 5 -20.000 -18.600

node 2112 20.000 0.000

set mNodelnfo [open nodelnfo.dat w]

close $mNodelnfo

puts "Finished creating all -ndf 3 nodes..."
# define fixities for pore pressure nodes:
fix 1010

fix 1029 0 0 1

fix 2112 0 0 1
puts "Finished creating all -ndf 3 boundary conditions..."
# define equal degrees of freedom for pore pressure nodes

equalDOF 11987 12

equalDOF 721 2112 12

puts "Finished creating equal DOF for pore pressure nodes..."

#
#

# 2. CREATE INTERIOR NODES AND FIXITIES

H+
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model BasicBuilder -ndm 2 -ndf 2
# define interior nodes
node 2 -20.000 -19.300

node 3 -19.100 -20.000

node 2109 20.000 -1.500

node 2111 20.000 -0.500

puts "Finished creating all -ndf 2 nodes..."
# define fixities for interior nodes:

fix 301

fix 1943 0 1

puts "Finished creating all -ndf 2 boundary conditions..."

# define equal degrees of freedom which have not yet been defined
equalDOF 2 1988 12

equalDOF 665 2111 12

puts "Finished creating equalDOF constraints..."

equalDOF 13 1

equalDOF 11943 1

puts "Finished creating equalDOF for base...

#
#

# 3. CREATE SOIL MATERIALS

#
#

nDMaterial PressureDependMultiYield02 2 2 1.96 4.62e4 1.23e5 32\
0.1101 0.5 30 0.067 0.27 0.02\
0.020453.01.00.00.73

set thick2 1.0

184



set x\Wgt2 0.00

set ywgt2 -9.81

set uBulk2 5213698.63

set hPerm2 6.5e-5

set vPermz2 6.5e-5

nDMaterial PressureDependMultiYield02 1 2 2.1 77.1e3 205.9¢3 36 0.1\
101 0.5 26 0.02 0.15 0.15 0.0\

201.53.01.00.00.65

set thickl 1.0

set xWgtl 0.00

set yWgtl -9.81

set uBulkl 5584615.385

set hPerm1 3.5e-5

set vPerm1 3.5e-5

puts "Finished creating all soil materials...

#
#+

# 4. CREATE SOIL ELEMENTS

#
# permeabilities are initial set at 1.0 m/s for gravity analysis, values are updated after gravity

element9_4 QuadUP 1 1036 882 785 952 967 833 865 996 915 $thick2 2 $uBulk2 1.0 1.0 1.0
$XWgt2 $ywgt2

element 9 4 QuadUP 496 2085 2110 2112 2096 2102 2111 2108 2090 2105 $thick2 2 $uBulk2 1.0
1.0 1.0 $xwWgt2 $yWgt2

puts "Finished creating all soil elements..."

#
#

# 6. CREATE BEAM NODES AND FIXITIES
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#
#

model BasicBuilder -ndm 2 -ndf 3
# define beam nodes

node 5222 -2.00 -2.00

node 5216 -2.00 -2.25

puts "Finished creating all -ndf 3 beam nodes..."

#
H#

# 7. CREATE BEAM MATERIALS AND ELEMENTS

#
# beam properties

# geometric transformation

geomTransf Linear $transTag

# beam section

puts "Finished creating all beam materials..."

element forceBeamColumn 5000 5222 5230  $numintPts $secTag $transTag

element forceBeamColumn 5063 5216 5222  $numintPts $secTag $transTag
puts "Finished creating all beam elements..."
model BasicBuilder -ndm 2 -ndf 2

node 6222 -2.00 -2.00

node 7333  0.75 -2.00
puts "Finished creating all zerolengthelement nodes..."

equalDOF 7222 1222 1 2

equalDOF 6216 5216 1 2

puts "Finished creating all equal degree of freedom nodes for soil,springs and beamcolumns...'

#
#

# 2. CREATE zerolength SPRING MATERIAL

186



#
#

puts "Finished creating all zerolength SPRING materials..."

H
1+

# 3. CREATE zerolength SPRING ELEMENTS

H
1+

element zeroLength 6000 6222 7222 -mat 4 -dir

element zeroLength 6067 8036 9036 -mat 4 -dir

puts "Finished creating all zerolength elements..."

H#
1+

# 5. LYSMER DASHPOT

H#
#+

# define dashpot nodes
node 2212 -20.000 -20.000

node 2213 -20.000 -20.000

# define fixities for dashpot nodes

fix2212 11

fix2213 01

# define equal DOF for dashpot and base soil node

equalDOF 1 2213 1

puts "Finished creating dashpot nodes and boundary conditions..."
# define dashpot material

set baseArea 40.0

set dashpotCoeff 1750.00

uniaxialMaterial Viscous 3 [expr $dashpotCoeff*$haseArea] 1
# define dashpot element

element zeroLength 497 2212 2213 -mat 3 -dir 1

puts "Finished creating dashpot material and element..."
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#
#

# 6. DEFINE NODAL MASSES FOR MODELING WATER

#
# define nodal masses for 3 dof nodes

model BasicBuilder -ndm 2 -ndf 3

puts "Finished creating -ndf 3 nodal masses..."
# define nodal masses for 2 dof nodes

model BasicBuilder -ndm 2 -ndf 2

puts "Finished creating -ndf 2 nodal masses..."

H#
1+

# 7. CREATE GRAVITY RECORDERS

H#
1+

# create list for pore pressure nodes

set nodeL.ist3 {}

set channel [open "nodelnfo.dat" r]

set count O;

foreach line [split [read -nonewline $channel] \n] {

set count [expr $count+1];

set lineData($count) $line

set nodeNumber [lindex $lineData($count) 0]

lappend nodeL.ist3 $nodeNumber

¥

close $channel

# record nodal displacment, acceleration, and porepressure

eval "recorder Node -file Gdisplacement.out -time -node $nodeL.ist3 -dof 1 2 disp"
eval "recorder Node -file Gacceleration.out -time -node $nodeL.ist3 -dof 1 2 accel"”
eval "recorder Node -file GporePressure.out -time -node $nodeL.ist3 -dof 3 vel"

# record elemental stress and strain

recorder Element -file Gstressl.out -time -eleRange 1496 material 1 stress

recorder Element -file Gstress2.out -time -eleRange 1 496 material 2 stress
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recorder Element -file Gstress3.out

recorder Element -file Gstress4.out

recorder Element -file Gstress5.out

recorder Element -file Gstress6.out

recorder Element -file Gstress7.out

recorder Element -file Gstress8.out

recorder Element -file Gstress9.out

recorder Element -file Gstrainl.out

recorder Element -file Gstrain2.out

recorder Element -file Gstrain3.out

recorder Element -file Gstrain4.out

recorder Element -file Gstrain5.out

recorder Element -file Gstrain6.out

recorder Element -file Gstrain7.out

recorder Element -file Gstrain8.out

recorder Element -file Gstrain9.out

puts "Finished creating gravity recorders..."

#
#+

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-time

-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496

-eleRange 1 496

material 3 stress

material 4 stress

material 5 stress

material 6 stress

material 7 stress

material 8 stress

material 9 stress

material 1 strain

material 2 strain

material 3 strain

material 4 strain

material 5 strain

material 6 strain

material 7 strain

material 8 strain

material 9 strain

# 8. CREATE FILES FOR POSTPROCESSING IN GiD

#
#+

set meshFile [open renameMe.flavia.msh w]

puts $meshFile "MESH 94quad dimension 2 ElemType Quadrilateral Nnode 4"

close $meshFile

set eleFile [open elementinfo.dat w]

close $eleFile

#
#

# 9. DEFINE ANALYSIS PARAMETERS

189



#
#---GROUND MOTION PARAMETERS

# time step in ground motion record

set motionDT  0.01

# number of steps in ground motion record

set motionSteps 2164002

#---RAYLEIGH DAMPING PARAMETERS

setpi  3.141592654

# damping ratio

setdamp 0.02

# lower frequency

set omegal [expr 2*$pi*0.2]

# upper frequency

set omega2 [expr 2*$pi*20]

# damping coefficients

seta0  [expr 2*$damp*$omegal*$omega2/($omegal + $omega2)]
setal  [expr 2*$damp/($omegal + $omega2)]

puts "damping coefficients: a_0=$a0; a_1 = $al"
#---DETERMINE STABLE ANALYSIS TIME STEP USING CFL CONDITION
# maximum shear wave velocity (m/s)

setvsMax  250.0

# element size (m)

set eleSize 1

# duration of ground motion (s)

set duration [expr $motionDT*$motionSteps]

# trial analysis time step

set kTrial ~ [expr $eleSize/(pow($vsMax,0.5))]

# define time step and number of steps for analysis

if { $motionDT <= $kTrial } {

set nSteps $motionSteps
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setdT  $motionDT

}else {
set nSteps [expr int(floor($duration/$kTrial)+1)]
setdT  [expr $duration/$nSteps]

}

puts “number of steps in analysis: $nSteps”

puts "analysis time step: $dT"

#---ANALYSIS PARAMETERS

# Newmark parameters

set gamma 0.5

set beta 0.25

H#
#+

# 10. GRAVITY ANALYSIS

#
H#

# update materials to ensure elastic behavior
updateMaterialStage -material 1 -stage 0
updateMaterialStage -material 2 -stage 0
constraints Penalty 1.e18 1.e18

test NormDisplincr 1e-3 35 1
algorithm Newton

numberer RCM

system  ProfileSPD

integrator Newmark $gamma $beta
analysis  Transient

set startT [clock seconds]

analyze 10 500

analyze 10 5000

puts "Finished with elastic gravity analysis..."

# update materials to consider plastic behavior
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updateMaterialStage -material 1 -stage 1

updateMaterialStage -material 2 -stage 1

# plastic gravity loading
analyze 10 5.0e-3

puts "Finished with plastic gravity analysis..."

#
H#

# 11. UPDATE ELEMENT PERMEABILITY VALUES FOR POST-GRAVITY ANALYSIS

#
# choose base number for parameter IDs which is higer than other tags used in analysis
set ctr 10000.0
# loop over elements to define parameter IDs
for {seti 1} {$i<=496} {incri 1} {
parameter [expr int($ctr+1.0)] element $i vPerm

parameter [expr int($ctr+2.0)] element $i hPerm

set ctr [expr $ctr+2.0]
¥
# update permeability parameters for each element
updateParameter 10001 $vPerml

updateParameter 10002 $hPerm1

updateParameter 10990 $vPerml
updateParameter 10991 $vPerm2

updateParameter 10992 $hPerm2

#
#

# 12. CREATE POST-GRAVITY RECORDERS

#
#

# reset time and analysis
setTime 0.0

wipeAnalysis
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remove recorders

# recorder time step

set recDT [expr 2*$motionDT]

# record nodal displacment, acceleration, and porepressure

eval "recorder Node -file displacement.out -time -dT $recDT -node $nodeL.ist3 -dof 1 2 disp"
eval “recorder Node -file acceleration.out -time -dT $recDT -node $nodeL.ist3 -dof 1 2 accel”
eval "recorder Node -file porePressure.out -time -dT $recDT -node $nodeL.ist3 -dof 3 vel"

# record elemental stress and strain

recorder Element -file stressl.out

recorder Element -file stress2.out

recorder Element -file stress3.out

recorder Element -file stress4.out

recorder Element -file stress5.out

recorder Element -file stress6.out

recorder Element -file stress7.out

recorder Element -file stress8.out

recorder Element -file stress9.out

recorder Element -file strainl.out

recorder Element -file strain2.out

recorder Element -file strain3.out

recorder Element -file strain4.out

recorder Element -file strain5.out

recorder Element -file strain6.out

recorder Element -file strain7.out

recorder Element -file strain8.out

recorder Element -file strain9.out

-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT
-time -dT $recDT

-time -dT $recDT

puts "Finished creating all recorders..."

-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496
-eleRange 1 496

-eleRange 1 496

material 1 stress

material 2 stress

material 3 stress

material 4 stress

material 5 stress

material 6 stress

material 7 stress

material 8 stress

material 9 stress

material 1 strain

material 2 strain

material 3 strain

material 4 strain

material 5 strain

material 6 strain

material 7 strain

material 8 strain

material 9 strain

#
#

# 13. DYNAMIC ANALYSIS

#
#
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model BasicBuilder -ndm 2 -ndf 3
# define constant scaling factor for applied velocity
set cFactor [expr $baseArea*$dashpotCoeff]
# define velocity time history file
set velocityFile velocityHistoryhorizontal.out
# timeseries object for force history
set mSeries "Path -dt $motionDT -filePath $velocityFile -factor $cFactor"
# loading object
pattern Plain 10 $mSeries {
load 11.00.00.0
}
puts "Dynamic loading created..."”
constraints Penalty 1.e20 1.e20
test NormDisplincr 1.0e-335 1
algorithm Newton
numberer RCM
system  ProfileSPD
integrator Newmark $gamma $beta
rayleigh $a0 $a1 0.0 0.0
analysis  Transient
# perform analysis with timestep reduction loop
set ok [analyze $nSteps $dT]
# if analysis fails, reduce timestep and continue with analysis
if {$ok =0} {
puts "did not converge, reducing time step"
set curTime [getTime]
puts "curTime: $curTime"
set curStep [expr $curTime/$dT]
puts "curStep: $curStep"

set remStep [expr int(($nSteps-$ScurStep)*2.0)]
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puts "remStep: $remStep"
setdT  [expr $dT/2.0]
puts "dT: $dT"
set ok [analyze $remStep $dT]
# if analysis fails again, reduce timestep and continue with analysis
if {$ok =0} {
puts "did not converge, reducing time step"
set curTime [getTime]
puts "curTime: $curTime"
set curStep [expr $curTime/$dT]
puts “curStep: $curStep"
set remStep [expr int(($remStep-$curStep)*2.0)]
puts “remStep: $remStep"
setdT  [expr $dT/2.0]

puts "dT: $dT"

set ok [analyze $remStep $dT]

# if analysis fails again, reduce timestep and continue with analysis

if {$ok =0} {

puts "did not converge, reducing time step"

set curTime [getTime]

puts "curTime: $ScurTime"

set curStep [expr $curTime/$dT]

puts "curStep: $curStep"

set remStep [expr int(($remStep-$curStep)*2.0)]

puts "remStep: $remStep"

setdT  [expr $dT/2.0]

puts "dT: $dT"
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set ok [analyze $remStep $dT]
¥
# if analysis fails again, reduce timestep and continue with analysis
if {$ok =0} {
puts "did not converge, reducing time step”
set curTime [getTime]
puts "curTime: $curTime"
set curStep [expr $curTime/$dT]
puts “curStep: $curStep"
set remStep [expr int(($remStep-$curStep)*2.0)]
puts "remStep: $remStep”
setdT  [expr $dT/2.0]

puts "dT: $dT"

analyze $remStep $dT

¥

setendT [clock seconds]
puts "Finished with dynamic analysis..."
puts "Analysis execution time: [expr $endT-$startT] seconds"

wipe
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Matlab code for Post processing in GID:

function flaviaWriter()

% creates GiD post-processing results file from OpenSees data

fid = fopen(‘freeFieldLiq.flavia.res','w’);

fprintf(2,™* %s\n','Creating flavia.res from FEA. THIS MAY TAKE A FEW MINUTES ...")

fprintf(fid,'GiD Post Results File 1.0 \n\n);

% DISPLACEMENT
% node pointer

nodePtr = load('ppNodesInfo.dat’);
% displacement data files

gdisp = load('Gdisplacement.out");
pdisp = load(‘displacement.out’);
% adjust times on gravity analysis
gdisp(:,1) = 1e-8*qgdisp(:,1);

% combine into a single array
disp = [gdisp;pdisp];

% transformation to GiD format
time = disp(:,1);

disp(:,1) = [1;

clear gdisp pdisp

[nStep,nDisp] = size(disp);

nNode = nDisp/2;

for k = 1:nStep
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fprintf(fid,'Result "a. Nodal Displacements™ "Loading_Analysis"\t%12.5g Vector OnNodes\n',
time(k));

fprintf(fid,'ComponentNames "X-Displacement" "Y-Displacement"\n");
fprintf(fid,"Values\n');
u = reshape(disp(k,:), 2, nNode);
for j = 1:nNode
fprintf(fid, '%d \t %-12.8e %-12.8e\n', nodePtr(j), u(:,j));
end
fprintf(fid,'End Values \n");
fprintf(fid,' \n");
end
clear disp
fprintf(2,™* %s\n','Done with displacements ...")

% PORE PRESSURE

% pore pressure data files

gpwp = load('GporePressure.out');
ppwp = load('porePressure.out');
% adjust time on gravity analysis
gpwp(:,1) = 1e-8*gpwp(:,1);

% combine into single array

pwp = [gpwp;ppwp];

clear gpwp ppwp

% transformation to GiD format
time = pwp(;,1);

pwp(:,1) = I;

for k = 1:nStep

fprintf(fid,'Result "a. Nodal PorePressures™ "Loading_Analysis"\t%12.5g Scalar OnNodes\n',
time(k));

fprintf(fid,'ComponentNames "Pore Pressure"\n");
fprintf(fid,"Values\n');
for j = 1:nNode
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fprintf(fid, '%d \t %-12.8e\n’, nodePtr(j), pwp(k,)));
end
fprintf(fid,'End Values \n');
fprintf(fid,' \n");
end
fprintf(2," %s\n','Done with porePressures ...")

% PORE PRESSURE RATIO

% load elemental data from center gaussPt
stress = load('Gstress9.out');
stress(;,1) = [];
stress = stress(1,:)’;
[m,n] = size(stress);
nElem = m/5;
sig = reshape(stress, 5, nElem);
clear stress
% write stress as 6x1 tensor representation
sten = zeros(6,nElem);
for k = 1:nElem

forj=1:4

sten(j,k) = sig(j,k);

end
end
clear sig
% trace of stress
11 = zeros(nElem,1);
for k = 1:nElem

11(K) = sum(sten(1:3,k),1);
end
% mean stress

mStress = -11/3;
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clear 11
% average stresses at nodal depths
P = zeros(nElem-1,1);
sigV = P;
for k = 1:(nElem-1)
P(k) = (mStress(k)+mStress(k+1))/2;
sigV(K) = (sten(2,k)+sten(2,k+1))/2;
end
% location of mean stress values
vinfo = sort(unique(nodePtr(:,3)),'ascend’);
% vertical element size
vsize = vinfo(1)-vinfo(2);
% extrapolate first and last points
f = mStress(1) - ((mStress(2)-mStress(1))/vsize)*(vsize/2);
I = mStress(end) + ((mStress(end)-mStress(end-1))/vsize)*(vsize/2);
P=[fPIL;
f=sten(2,1) - ((sten(2,2)-sten(2,1))/vsize)*(vsize/2);
I = sten(2,end) - ((sten(2,end) - sten(2,end-1))/vsize)*(vsize/2);
sigV = [f;sigV;1];

clear mStress

% excess pore pressure
for k = 1:nStep
exPwp(k,:) = abs(pwp(k,:) - pwp(1,));
end
id1 = abs(exPwp)<le-6;
exPwp(idl) = 0.0;
% compute pore pressure ratio
ru = zeros(nStep,nNode);

ru2 =ru;
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for k = 1:nNode
for j = 1:length(P)
if (nodePtr(k,3)==vInfo(j))
ru(:,k) = exPwp(:,k)/abs(P(j));
ru2(:,k) = exPwp(:,k)/abs(sigV(j));
break
end
end
end
clear P exPwp
% transformation to GiD format
for k = 1:nStep

fprintf(fid,'Result "a. PorePressureRatio (mean stress)” "Loading_Analysis"\t%12.5g Scalar
OnNodes\n', time(k));

fprintf(fid,'ComponentNames "Pore Pressure Ratio (mean stress)"\n");

fprintf(fid,"VValues\n');

for j = 1:nNode
fprintf(fid, '%d \t %-12.8e\n’, nodePtr(j), ru(k,j));
end
fprintf(fid,'End Values \n');
fprintf(fid," \n");
end
for k = 1:nStep

fprintf(fid,'Result "a. PorePressureRatio (vertical stress)" "Loading_Analysis"\t%12.5g Scalar
OnNodes\n', time(k));

fprintf(fid,'ComponentNames "Pore Pressure Ratio (vertical stress)"\n");
fprintf(fid, Values\n’);

for j = 1:nNode
fprintf(fid, '%d \t %-12.8e\n’, nodePtr(j), ru2(k,j));

end
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fprintf(fid,'End Values \n');
fprintf(fid,' \n");
end
fprintf(2,"* %s\n','Done with porePressureRatio ...")

% STRESS

% load and combine data

fori=1:4
mLoad = sprintf(‘gstress{i} = load("Gstress%i.out");",i);
eval(mLoad)
gstress{i}(:,1) =[I;
mLoad = sprintf(‘pstress{i} = load("stress%i.out");",i);
eval(mLoad)
pstress{i}(:,1) = [I;
stress{i} = [gstress{i};pstress{i}];

end

clear gstress pstress

[nStep,nStress] = size(stress{1});

nElem = nStress/5;

for k = 1:nStep
fprintf(fid,'GaussPoints "stress" ElemType Quadrilateral\n’);
fprintf(fid,'Number of Gauss Points: 4\n’);
fprintf(fid,'Natural Coordinate: Internal\n’);
fprintf(fid,'End Gausspoints\n\n');
fprintf(fid,'Result "Gauss Point Stress" "Loading_Analysis"\t%12.5¢', time(k));
fprintf(fid,\tPlainDeformationMatrix OnGaussPoints "stress"\n");
fprintf(fid,"Values\n’);
fori=1:4

gp{i} = reshape(stress{i}(k,:), 5, nElem);

end

for j = L:nElem
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fprintf(fid,'%6.0f ', j);
fori=1:4
fprintf(fid,'%12.6g %12.69 %12.6g %12.6g\n', gp{i}(1.j), ap{i}(2.)), ap{i}(4.)), ap{i}(3.)));
end
end
fprintf(fid,'End Values \n’);
fprintf(fid,"\n’);
end
clear stress gp
fprintf(2,™* %s\n','Done with stress ...")
fclose(fid);

return
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